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19 Eart hquake Response of Concre te Dam 
WORDS: Dam ‘dations Dams (gravity); Dam 
sta Displacement; Earthquakes; -Hydrod namics; Stress; 
ABSTRACT: The displacement and stress responses are presented for Pine Flat Dam ci 
to the S69E component of the Taft ground motion only, and to the S69E and vertical 
components acting simultaneously. For each of these excitations, the response of the — ; 
dam is analyzed four times corresponding to the following four sets of assumptions: (1) __ 
Rigid foundation, hydrodynamic effects excluded; (2) rigid foundation, rege der: « 
effects included; (3) | flexible foundation, hydrodynamic effects excluded; and (4) 
flexible foundation, hydrodynamic effects included. Based on these results, the separate 
effects of dam-water interaction and dam-foundation interaction, and the 
combined effects of the two sources of interaction, on earthquake 5 response of dams are 
REFERENCE: Chopra, Anil K. (Prof. of Civ. Engrg., Univ. of California, Berkeley, 
_ Calif. 94720), and Gupta, Sunil, “Earthquake Response of Concrete Dam,” Journal a } 
the Structural Division, ASCE, Vol. 107, No. ST8, Proc. Paper 16419, Augum, 1981, 7 


420 ECONOMIC REVIEW O) OF | EARTHQUAKE D DESIGN LEVELS 
arthquake engineering; Earthquakes; Economic analysis; Optimization; © 
eismic Site selection studies; Structural design 
ABSTRACT: Current Navy criteria specifies that for important buildings a site 
_ seismicity study shall be performed and the design earthquake level shall be taken as 
the site acceleration having an 80 percent chance of not being exceeded in 50 years. 
Construction cost increases are reviewed for seismic strengthening and expected 
- damage from seismic shaking. Economic analysis techniques were used to study 
B earthquake design levels. Results indicate ‘optimal | least cost it designs occur at lower — 


: 
1 


EFERENCE: Ferritte, John } M. “(Research Structural Engr., Naval C Civ. Engrg. Lab., a 
aval Construction Battalion Center, Port Hueneme, Calif. 93043), “Economic Review i 
| of Earthquake Design Levels,” Journal of the Structural Division, ASCE, Vol. 107, No. 
ST8, Proc. Paper 16420, August, 1981, pp. 1413-1425 


OR 
ON 


“16440 STEEL FRA) AMES WITH NONLINEAR CONNECTIONS = : 
-KEY WORDS: Connections (joints); Flexibility; Framed structures; Frames; he 
Internal forces; Steel frames; Structural analysis; Structural — 


ABSTRACT: Various simplifying im the design of 
unbraced multistory steel building frames, are explored. An analysis program was — f. 
developed to account for the nonlinear flexibility of the girder-column connections as 
well as for the response to variable load histories. Analyses were performed on three — : 
different structures. The results show the importance of including actual va 
behavior for realistic prediction of sway and internal forces. The possibility of > 
occurrence of alternating connection plasticity is also pointed out. The inclusion of 
linearly-elastic connection flexibilities in the analysis appears to lead to very 


REFERENCE: Moncarz, Piotr D (Doctoral Candidate, The Jo hn Blume 
Earthquake Engrg. Center, Stanford Univ., Stanford, Calif.), and Gerstl, Kurt H., 
“Steel Frames with Nonlinear Connections,” Journal of the Structural Division, ASCE, 
Vol. 107, No. ST8, Proc. Paper 16440, August, 1981, pp. 1427-1441 a 
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16428 CONTINUUM SOLUTION OF SIMULATED PIPE WHIP 


KEY WORDS: Cantilever ‘beams; Computer analysis; Dynamic loads; — 
BS. response; Experimental data; Finite elements; Nonlinear systems; _ mer: i 
ABSTRACT: The pipe is a highly except for 
_ special conditions, is usually solved numerically. When a dynamic load is applied to 
the base of a pipe (striker) whose end impacts another pipe (target), it is possible for 
both the striker and the target to experieuce plastic deformations during impact. A 
finite element solution considering the nonlinear impact problem with material 
nonlinearity has been carried out. At the point when the material becomes plastic, high - 
_ frequency oscillations can set up in the continuum model. Experimental data indicate — 
that these oscillations quickly disappear due to material damping. The effects of 


plasticity are considered, as are and damping in the target 


REFERENCE: Lashkari, Mehran (Research Asst. Prof., Dept. of Civ. Engrg., Univ. of 
: Seuiietn Calif., Los Angeles, Calif. 90007), and Weingarten, Victor I., “Continuum 


of Simulated Whip Problem,” Journal of the Structural Division, 


16427 SEISMIC EFFECTIVENESS OF TUNED MASS 
WORDS: Buildings; Dynamics; Dynamic structural analysis; 
T Earthquakes; Probability theory; Random vibration; Safety; Seismic stability; 
; ABSTRACT: Time history analysis of 1DOF systems i and without a tuned mass | 
damper, subjected to a set of historical earthquakes, shows that the peak response ratio 7 2 
| (ratio between the peak responses with and without damper) depends primarily on 
j 1 damping constants and on earthquake duration. The same analysis reveals that t 
| response ratio values are widely scattered and that the mean response ratio in > 
underestimated by conventional stationary random vibration calculations. Improvement — | 
is obtained by considering response movement and broadening of the response spectral - 
density function caused by the damper. Based on these considerations, a probabilistic 
model is developed that gives the distribution of peak response of buildings modified 
by addition of a tuned mass damper in terms of the same distribution for the 


unmodified structures. For elastic systems | tuned 1 mass nass dampers have s small ar antiseismic : 
effectiveness. 


REFERENCE: Kaynia, Amir M. (Grad. Student, Mass. Inst. of Tech., Cambridge, 
Mass. 02139), Veneziano, Daniele, and Biggs, John M., “Seismic Effectiveness of 
Tuned Mass Dampers,” Journal of the Structural Division, ASCE, _ Vol. 107, No. STS, Je 
Proc. Paper 16427, August, 1981, pp. 1465- 1484 — oe 


16432 DY NAMICS OF THREE- DIMENSIONAL FRAMES saute 


KEY WORDS: Computer analysis; Earthquake resistant structures; Loads 
(forces); Plastic hinges; Reinforced concretes; Seismic design; Time factors; wat 


ABSTRACT: The time- -history response of a three- -dimensional concrete 
frame structure to concurrent earthquake ground motions is analyzed. Yielding is 
allowed in both beams and columns by a series of yield surface options selected 
according to the principal structural actions of the component elements. Comparisons _ 
between the behavior patterns arising from unidirectional and concurrent earthquake | 
loading indicate that the non-linear response predicted by a full three-dimensional 
analysis is significantly different from the response based on a planar frame — 
idealization. Concurrent loading causes asymmetric distribution of yield as a result of 
the interaction of the orthogonal displacement components, and this gives rise to an 
eccentricity between the mass and the instantaneous center of stiffness at some levels 
in the building. Nominally an buildings can develop torsional responses in 
} REFERENCE: Gillies, eaenaie G. (Asst. Engr., Beca, Carter, Hollings & Ferner, 
3 Consulting Engrs., Box 3942, Wellington, New Zealand), and Shepherd, Robin, “Post- : 
Elastic Dynamics of Three-Dimensional Frames,” Journal of the Structural patton, 
ASCE, ‘Vol. ‘STS, Proc. ager 16432, August, 1981, pp. 1485-1501 
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16441 COLLAPSE OF PLATE GIRDERS UNDER EDGE LOADING : 
_KEY WORDS: Bending stress; Collapse; Failure (mechanics); Loads = 
os: Plate girders; Structural behavior; ; Structural dynamics; Ultimate 
loads; Webs (supporis) atty labo 98 
ABSTRACT: A simple analysis is presented for predicting the ultimate load ca carrying 
‘| capacity of slender plate girder webs subjected to edge loading, uniformly distributed 
| between vertical web stiffeners, and combined bending. The analysis is based on an 
| assumed failure mechanism which considers the formation of plastic hinges in the 
4 flange and yield lines in the web. An alternative mechanism solution is also considered 
_ for situations in which failure may be initiated by direct yielding of the web. The | 
. —_ is compared with a limited number of existing test results and is found to give 
a REFERENCE: R Roberts, Terence M. (Lect., Dept. of Civ. Engrg., University College, 7 5 
| Newport Road, Cardiff, CF2 1TA, Wales), and Chong, Chooi K., “Collapse of Plate . 7 
Girders under Edge Loading,” Journal of the Structural “ASCE, No. 
| $T8, Proc. 16441, August, 1981, pp. 1503-1509 


a t Design criteria; Europe; Load factors; Resistance; Safety factors; United 


_ ABSTRACT: The formulation of an alternate methodology for the design of wood 

_ Structural members is described. Load and resistance factors are developed to convert y 
existing code requirements into a limits states design format. Comparisons of an 
resulting factors are obtained by examining existing codes from several European 
countries as well as the National Design Specification of the United States. Current a 
factors vary significantly. Use of the load and resistance format for design of wood a 

| structures is based on further studies using probability- based criteria. 

REFERENCE: Goodman, James R. (Prof. of Civ. Engrg, do State Univ., F Fort 
Collins, Colo. 80523), Kovacs, Zsolt, and Bodig, Jozsef, ““Code Comparisons of Factor 

: _ Design for Wood,” Journal of the Structural Division, ASCE, Vol. 107, No. ST8, Proc. 
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16451 STABILITY RESEARCH COUNCIL 


UNCIL : 
KEY WORDS: (supports); Design criteria; History; Professional _ 
activities; Research; Research management; Specifications; Structural: 
ABSTRACT: The o origin, growth and ‘contributions. of ‘the Structural Stability 
Council are examined. Originally named the Column Research Council, | the 
organization has annually provided a forum on structural stability by bringing together — ; 
researchers from all parts of the world. The Council has initiated research, and it has 
cooperated with specification writing bodies. Three successive editions of the council’ a 
design guide have been published; a fourth is underway. Research contributions — 
include: (1) The recognition and quantification of the residual stress effect on column i 
stability; (2) the definition and application of the strain-hardening modulus in steel; G) 
the determination of maximum inelastic column strength; and, (4) through the A 
—council’s technical memoranda, the establishment of methods and criteria for tests of 


| REFERENCE: Johnston, Bruce G. (Prof. Emeritus of Struct. Engrg., Univ. of Mich., 7 
' Ann Arbor, Mich. 48104), “History of Structural Stability Research Council,” Journal 
of the Structural Division, ASCE, 107, No. ST8, Proc. Paper 16451, August, 


| 


difference theory; Inelastic action; Lateral 


16426 INELASTIC LATERAL TORSIONAL BUCKLING OF BEAMS — 


Tangent modulus; Test results 
_ABSTRACT: A numerical procedure is presented elastic and inelastic. 


_ beam buckling loads. The procedure uses a finite difference solution to the differential — 
| equations defining lateral torsional buckling. The reduction in beam stiffness in 
| inelastic range is estimated by using an approximate tangent modulus method. A _ 
| computer program has been developed using the numerical procedure presented for — 
| general elastic and inelastic buckling solutions. Solutions from the program are i 
= against approximately 123 test buckling results. Inelastic program buckling — = 
solutions are compared with and without using the shear center adjustment method. 
The approximate tangent modulus method and the shear center adjustment method — : 


REFERENCE: Hollinger, Bruce A. (Engr., Floyd Browne Associates, Ltd., 181 South — 
Main Street, P.O. Box 587, Marion, Ohio), and Magelsdorf, C. P., “Inelastic Lateral 
Torsional Buckling of Beams,” Journal of the Structural Division, ASCE, Vol. 107, No. 
ST8, Proc. Paper 16426, August, pp. 1551- 1567 


16483 TORSIONAL COUPLING AND EARTHQUAKE RESPONSE aus 


| KEY WORDS: : Buildings; Dynamic strectural Earthquake 
engineering; Earthquake resistant structures; Earthquakes; Elasticity; 


~ ABSTRACT: The ‘effects are analyzed of torsional coupling on the earthquake re response 7 
; of simple one-story structures in elastic and inelastic ranges of behavior. The structures _ 
| considered are symmetrical about one principal axis of resistance, resulting in coupling a 
only between lateral displacement along the perpendicular axis and the torsional 
displacement. Torsional coupling arising only from eccentricity between centers of 

_ mass and elastic resistance is considered. Systems with several resisting elements are 
idealized by a single element model. Response of such a model to a selected 
earthquake ground motion are presented for a range of the basic structural parameters. 

_ The response quantities presented include maximum lateral and torsional deformations 
of the system as well as maximum deformations of individual columns. The response in 
the inelastic range of behavior is effected by tomas coupling to generally a lesser a 
degree than elastic response. = © 
REFERENCE: Kan, Christopher L. (Asst. Research Engr., Dept. of Civ. Engrg., Univ. 
of California, Berkeley, Calif. 94720), and Chopra, Anil K., “Torsional Coupling and © 
_ Earthquake Response of Simple Elastic and Inelastic Systems,” Journal of the 
Structural Division, ASCE, Vol. 107, No. ST8, Proc. Paper 16453, August, 1981, pp. yf 


INGS a 


loads; Stiffness; Structural design; Tall buildings; Torsion; Wind loads Semi elt 


aastRacr: An approximate method for the design of long, high-rise buildings under 
horizontal wind loading is described. The method is based on the reduction of the — 
framed structure to one built-in column with equivalent bending and torsional — 
stiffnesses. Discrete actions of the horizontal members on the columns are distributed : 
over the story heights. The floors are treated as rigid in the horizontal plane. The | 
calculation is reduced to the solution of a system of four linear equations; the 
determination of internal actions only requires some very simple operations. The mul 
accuracy of the method is demonstrated by comparison to the ‘displacement method. 4 
‘| Mortelmans, Fernand K.E.C. (Prof. of Struct. Engrg., Struct. Engrg. — 
_Dept., Katholieke Universteit, Leuven, Belgium), De Roeck, Guido P.J.M., and Van 7 
| Bataing Dionys A., “Approximate Method for Lateral Load Analysis of High-Rise 
Journal of the Structural Division, ASCE, Vol. 107, No. Proc. Paper 
16459, August, 1981, pp. 1589-1610 
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_16459 LATERAL LOAD ANALYSIS OF HIGH-RISE BUILD 
| 
4 


Strength ah materials; Structural dynamics 


tested under he loading, with failure produced in either one impact, in the three to _ 
_ five impacts of incrementally increasing magnitude, or under either unidirectional or 
reversed cycling of the impact load. Analytical studies were carried out to help— 
_ evaluate the experimental data. The impact moment capacity of the splices tested was 
equal to or greater than the static moment capacity. The splice strength achieved 
under impact could be computed using material strengths adjusted for the strain rate 
imposed. Under large impact loads (producing high strain rates), the moment capacity 
of the splice region can greatly exceed the static moment capacity, but failure occurs 


after only a few load applications. ' With smaller impacts loads, more cycles of load 
were carried before failure. 


_ REFERENCE: Rezansoff, Telvin Prof., of Civ. Engrg., Univ. of 


, and 


"Structural Division, ASCE, Vol. 107, No. ST8, Proc. Paper 16463, 1981, PP. 


i _ KEY WORDS: Building codes; Earthquake resistant structures; Regulation; __ 

me ABSTRACT: _A study is described of the format and expression of the Tentative | 

| y Provisions for the Development of Seismic Regulations for Buildings developed by the 

3 Applied Technology Council. The methods of analysis employed provide objective 
: measures of clarity, completeness and consistency, as well as an alternative formal 
. _ representation with which to examine the correctness of the provisions. The formal 

| representation of the seismic provisions and the findings of the analysis will assist 
iz concerned with the future development of the provisions and _ their 
implementation within the various national standards and model codes. 
' REFERENCE: Harris, James Robert (Structural Research Engr., Center for Building j 

| Tech., National Bureau of Standards, Washington, D.C. 20234), Fenves, Steven J., and 
| Wright, Richard N., “Logical Analysis of Tentative Seismic Provisions,” Journal of cm 

Structural Division, ASCE, Vol. 107, No. ST8, Proc. August, 1981, 


| 16475 WARPING RESTRAINT IN THREE- DIMENSIONAL FRAMES jedi: 

KEY WORDS: Beams; Displacement; Elasticity; Finite elements; 


Foundations; Framed structures; Frames; Internal forces; Strain; Stress; " 


_ ABSTRACT: The general solution of the _Testrained warping of beams in three- 


are used in developing a finite element solution to this problem. The solution can 

- account for arbitrary cross-sectional shapes and arbitrary loadings. It also accounts ei 
the coupling between the different internal forces of the beam. The concepts of 
continuous and restrained warping are introduced as an aid in analyzing general three- 
dimensional framed structures. The known analytical solutions of simple problems are 
predicted by the finite element solution. The method is used in a case study of es 
massive three-dimensional turbine generator pedestal. The warping restraints are found at 
to have a considerable effect on the computed displacements stresses. 

_ REFERENCE: Ettouney, Mohammed M. (Civ. Engrg. Specialist, Burns and Roe, Inc., 
185 Crossways Park Drive, Woodbury, N. Y. 11797), and Kirby, Jeffrey B., “Warping 
Restraint in Three-Dimensional Frames,” Journal of the Structural Division, ASCE, ot 
Vol. 107, No. ST8, Proc. Paper 16475, Ange, | 1981, pp. 1643- 1656 iv. 


LAP SPLICES IN REINFORCED CONCRETE UNDER IMPACT 
KEY WORDS: Bonding strength; Comparative studies; Concrete 
ds; Splices; Static 
: : € performance of lap splices subjected to impact loading was studied 7 
} 
if ' 
il 
| 


KEY WORDS: : Are welding; Cold-rolled steel; Design standards; Equations; 
Safety factors; Specifications; Strength Structural analysis; 


- Structural use of the a was sufficient to create a demand for a more systematic | 
approach. In a series of tests at Cornell University, the behavior of the most common 
types of arc welds in sheet steel has been studied, and strength prediction equations 
have been derived. The strength prediction equations can be converted into design — 
equations through the use of appropriate safety factors. Except for the case of the arc 
spot welds, the correlation between the test results and the computed results is quite 
_tatiafactory In the case of the arc spot welds, the sean of the quality of of welds — 


has led to a rather large scatter in the test results. — 


‘ans Pekoz, Teoman (Assoc. Prof. of Struct. Engrg. Cornell Univ., Ithaca, 


N.Y. 14853), and McGuire, William, “Sheet Steel Welding,” 


Journal of the Structural 


Gathn t — Vol. 107, No. ST8, Proc. Paper 16466, August, 1981, pp. 1657-1673 


> 


ABSTRACT: The available under stresses are 


| reviewed. The applicability of the failure theories for composite materials to masonry is __ 


examined utilizing experimental results of concrete block masonry test. Failure theories 
_ for isotropic materials are not applicable to masonry. Also, failure theories for 


composite materials cannot be directly applied to predict the 


masonry strength under 


_ biaxial stresses. Failure criteria are proposed for masonry under biaxial stresses, taking 
_ into consideration its anisotropic nature as a composite material. Two failure criteria 


are proposed, with each describing a single mode of failure—a shear failure along one | 


of the criterical bed or head joint direction, and a tension 
_ interaction of the block, mortar and grout. The proposed criteria are capable of — 
predicting both the mode of failure and the "Strength of concrete block masonry under 


REFERENCE: Hamid, Ahmad A. (Asst. Prof., School of Civ. Engrg. and P 


failure incorporating the 


Enviromental Sci., Univ. of Oklahoma, Norman, Okla.), and Drysdale, Robert G., 
“Proposed Failure Criteria for Concrete Block Masonry under Biaxial Stresses,” 
Journal of the Structural Division, ASCE, Vol. 107, No. ST8, Proc. Paper 16465, 


August, 1981, pp. 1675-1687 
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_ 16465 CONCRETE MASONRY UNDER BIAXIAL STRESSES | 
4 WORDS: Anisotropy: Biaxial stresses; Compression; Concrete 
> 
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HYDRODYNAMIC AND FOUNDATION INTERACTION 


EFFECTS IN EARTHQUAKE RESPONSE 

Anil K. Chopra’ M. ASCE and Sunil Gupta? 


During the past | decade, progress has been made in ‘the analysis 
of the response of concrete gravity dams to earthquake ground motion. A general 
analytical procedure and computer program—wherein the effects of dam-water- 
‘ foundation rock interaction and water compressibility are included—are now 
available for two-dimensional finite element analysis of gravity dam monoliths 
- subjected to horizontal and vertical components of ground motion (3,4). “a 
_ Response “results” from an earlier version of this procedure | (), applicable 
to dams on rigid foundations, provided an improved understanding of the 
_ hydrodynamic effects in earthquake response of concrete gravity dams. It was 
shown that, in general, dam-water interaction and water compressibility have 
- Significant influence on the earthquake response of concrete gravity dams (2). 
In addition to being influenced by dam-water interaction, the dynamic response 
of a massive, short period structure such as a concrete gravity dam, would 
be affected by the properties of the foundation rock (6,8). Therefore, the — 
_ aforementioned procedure (3,4) was developed to simultaneously include the > 
effects of dam-water interaction and dam-foundation rock interaction in a im response 


of hydrodynamic effects in dam response (2). For each of the excitations, the 

_ Tesponse of the da dam is s analyzed four times $ corresponding to the following 2 
Z four sets of assumptions: (1) Rigid foundation, hydrodynamic effects | excluded; — 

(2) foundation rock, effects included; (3) flexible foundation 
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components acting simultaneously are determined. This dam has been the subject a 
: of several studies including forced vibration tests (7) and earlier analytical studies 4 
; 
| 
| 


dynamic effects These results provide insight into effects of 
dam-water interaction and dam-foundation rock 
or together, in the earthquake response of dam dams. 
Pine Fiat Dam, Grouno Morion, Cases / Anatyzep ano Response 
- Pine Flat Dam. —Located on the King’s River near Pabaians California, Pine 
“Flat Dam consists of 36 50-ft and one 40-ft wide monoliths. The crest length | 
is 1,840 ft and the ‘height of the tallest monolith is 400 ft. 
MA The tallest, nonoverflow monolith of the dam with water at El. 951. 00 wall 
for of this The two- dimensional finite element 


hg 


‘ 


8@ 39. 29'= 314.32" 


“FIG. 1 .—Finite Element ‘Wdealization Tallest, Nonoverfiow Monolith of Pi Pine Flat: 


for this monolith in plane stress is shown in Fig. 4 , consisting of 136 cite 
elements with 162 nodal points. The nine nodal points at the base of the dam oe 
are equally spaced, as required for developing the dynamic stiffness matrix 
for the foundation (5). This finite element system has 306 degrees- we 
analysis of the dam on rigid base. In analyses considering the foundation flexibility ae 7 
and the resulting motion at the dam- ‘foundation interface, the system has 324 
degrees” of freedom. The mass concrete in the is assumed to be 
7 homogeneous, isotropic, elastic solid with the following properties: (1) Young’s 
== modulus of elasticity = 3,250,000 psi, unit weight = 155 pcf; and (2) Poisson’s 
ratio = 0.2. The selected elastic modulus, determined by forced vibration tests — 
on the dam (7), is different from that used in earlier analyses (2). The damping =) 


factors associated with aad ‘modes of vibration of the dam, 


| 

LE 


the mentioned forced vibration t tests, were in the range of 2%-3. 5% 
of critical es A constant hysteretic damping coefficient of 0.1 which — 


and stress levels « expected during strong earthquake ground shaking. tovab ont? cS 

_ The foundation rock is idealized as a homogeneous, isotropic, viscoelastic 

_ half plane (in plane stress) of constant apeionatis solid with the following 
properties: (1) Young’s modulus of elasticity = 10,000,000 psi, a value which S 

is appropriate for the granites and basalts at the site; (2) Poisson’s ratio = 

1/3,1 unit and (3) the energy loss_ for 


oan oe properties are assumed for water: unit | weight = 62 62.5 a 


2.—Ground Motion at Taft Linooin School Tunnel; Kern County, California, 


ap 


acting transverse to the axis of the dam and in the vertical direction is defined 
by the S69E and vertical components of the ‘recorded motion, 1 respectively. 
These two components of the recorded ground motion and the maximum = 
of acceleration are shown in Fig.2, 
_ Cases Analyzed.— Using the computer program based on the analysis procedure 
presented elsewhere, G3, 4), Tesponses © of the tallest monolith of Pine Fiat Dam 


rock are assumed to o be i in plane stress. novarsisss 
_ Responses of the dam to the S69E component of the Taft ground motion 

only and to the S69E and vertical components acting simultaneously are analyzed “— 
For each of these excitations the response of the dam is separately analyzed — 
four times, _ corresponding to the four sets of assumptions listed in Table ~ 


wave reflection coefficient at the bottom of ‘the a = 0.8 
Ground Motion.—The ground motion recorded at the Taft Lincoln School 
- Tunnel during the Kern County, California, earthquake of July 21, 1952, is 


In “order” to consider hydrodynamic ‘effects realistically, 
a is included. The displacements and stresses due to the weight of the 
dam and to hydrostatic pressures are included in all analyses. As mentioned 
_in the development of the analysis procedure (3,4), the rigid body displacement — 
of the dam due to a deformable foundation have been excluded. bechard} aT 

All the vibration modes or generalized coordinates, as appropriate, are necessary — 


_ frequencies of approx 25 cps were included in the analysis. The first five med 


Rigid Excluded 
Blexible 


Included 


CURVE WATER FOUNDATION 


ATDAMCREST 


nN 


ABSOLUTE VALUE OF HORIZONTAL ACCELERATION 


a Dam with Full Reservoir on Rigid Foundation Rock, Dam with No Water on Pei 
Foundation Rock, and Dam with Full Reservoir on Flexible Foundation Rock 
modes of vibration of the dam were included in the analyses assuming a rigid 
base. The first 10 generalized coordinates, were included in analyses considering 
the effects of interaction between the dam and the foundation rock (3). 
a Response Results.— —The complex frequency response functions for the horizon- — 

_ tal acceleration at the crest of Pine Flat Dam, with horizontal ground motion d ; 
as the excitation, for the four sets of assumptions for the hydrodynamic effects | se 
and the foundation rock are presented in Fig. 3. From these results, the | 
fundamental resonant period of vibration and the effective damping, determined - - 
by half-power | band width method, are listed i in Table \ 


I 
lave 
FIG. 3.—R to Harmonic, Horizontal Ground Motion —__ 


- component of the Taft ground motion (Fig. 4). The spectrum ordinates at these : 
vibration periods corresponding to damping ratio of 5% can be observed in © 
4 ‘the same figure. 
TABLE 2.—Fundamental Resonant P 
pe 


Vibration 2 Damping 
Hydrodynamic period, ratio, asa 

effects in seconds 


Rigid Excluded 0.317 
Rigid Included 0.397 
Flexible | Excluded | 0.341 
Flexible | Included | 0.429 | 


SA VAY 


g 


4 


> 
4 vs A25 ig 
PEMD (ses) 
tal Vibration Period of Pine Flat Dam Computed for Four Sets of Assumptions (Table 
for Hydrodynamic Effects and Foundation Rock isas Noted 


The response of Pine Flat Dam was determined for the selected ground motions _ 
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& 
rn 
COPA 
q 
q and the aforementioned four sets of assumptions for the hydrodynamic effects 
= and the foundation rock. In each case, the computer results of dynamic analysis | 


—Summary of Responses of Pine Flat Dam t to Taft Ground Motion 


Maximum 
Tensile Stresses, aa 


horizontal |__Per square inch 
crest dis- 


dation | dynamic | | placement, 

Rigid | Excluded | S69E component, 
Rigid Included Taft ground 
Flexible | Excluded motion, 1952 
Flexible | Included | sd 
Rigid | Excluded | S69E and 
Rigid Included | vertical 
Flexible | Excluded | components, 

| Flexible | Included «Taft 


mall 
System Properties 


~ represent the ‘total response, ‘including the effects of the weight of the dam 
and hydrostatic pressures. These results consisted of the complete time-history 
_ of the horizontal and vertical components of displacement of all the nodal points 
and of three components of stress in all the finite elements. For each of the 
_ cases analyzed only a small part of the total result is presented. The maximum | 
crest displacement and maximum tensile stresses in three critical parts of the 
~ monolith are summarized in Table 3. Presented in Figs. 5-15 are the time-history 
of displacement at nodal points 1, 73, and 118, located at different levels 7 
the upstream face, and at nodal points 154, 158, and 162 at the base when > 
foundation flexibility is considered, and the lamas of envelope values hl 
maximum principal stress (maximum tensi 
Dam-Water Interaction Errects 


hyd 
Without hydrodynamic effects, 

-multidegree-of-freedom system with mass, stiffness, and damping properties — 
independent of excitation frequency. Dam-water interaction introduces frequency — 


dependent terms in the equations of motion, resulting in complicated response 
curves, especially in the neighborhood of the resonant frequencies for the 
impounded water (Fig. Sen A decrease in the fundamental resonant frequency 


of the dam is apparent from a comparison of the responses with and without 
Ss When the excitation is the S69E component of Taft ground motion, the inclusion - 
hydrodynamic effects increases the maximum m displacement at crest of 


| dam are increased at the upstream face from 153 psi- -223 Psi, ‘from 208 psi- -254 


stream|stream| 
Ce face | face | Heel A 
223 | 254 366 | 
= 143 | 158, 150 
297 | 355 | 428 
177 | 225 | 
238 | 233 | 329 
166 | 183 | a 
= 24 | 347 | 40600 
Note: | in. = 25.4 mm; | psi = 6.9 kKN/m?. 
> 
| 
| 


he area enclosed by a stress contour increases due to 
- effects, indicating that stresses exceed the value corresponding to that stress = 


contour over a larger Portion n of the monolith. , td 


EFFECTS EXCLUDED HYDRODYNAMIC 


_ HORIZONTAL 


oon 


FIG. 5. —Displacement Response of Pine Flat Dam on Rigid Foundation Rock to S69E 


‘Hydrodynamic E Effects Inclu included (1 in. = 25.4 mm) 
5 


: FIG. 6.—Envelope Values of Maximum Principal (Maximum Tensile or yoy 
Compressive) Stresses in Pine Flat Dam on Rigid Foundation Rock due to S69E_ 


Component of Taft Ground Motion: (a) Hydrodynamic Effects and (b) 
Hydrodynamic Effects Included (1 psi = 6.9 kN/m 


(compare Figs. s and 6 with Figs. 7 and 8). But, “contrary to the earlier ae 
-s Pine Flat Dam (2), the displacements and stresses in the dam with ager 


| 
compari 
===: 
Ww 
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“component of motion (again compare Figs. 5 ‘and 6 with Figs. 7 


_ Earlier results (2) for the response of Pine Flat Dam subjected to Taft ground 


motion but assuming a different value of Young’s meer run demonstrated that 


2 
—WERTICAL 


o1r234567869 0 213 
| FIG. 7.—Displacement Response of Pine Flat Dam on Rigid Foundation Rock to S69E 


and Vertical Components, Simultaneously, of Taft Ground Motion: (a) Hydrodynamic _ 

; . Effects Excluded; and (b) Hydrodynamic Effects Included (1 in. = 25.4 mm) ) _ 


Py 


so HYDRODYNAMIC EFFECTS 
INCLUDED 


eee Stresses in Pine Flat Dam on “Rigid Foundation Rock due to S69E 
and Vertical Components, Simultaneously, of Taft Ground Motion: (a) Hydrodynamic 
| os Excluded; and (b) Hydrodynamic Effects Included (1 psi = 6.9 kN/m , oe 
response of the dam. The vertical ground motion causes lateral hydrodynamic 
forces resulting in significant lateral displacements and associated stresses. 
_ Because the principal change in the system properties and ground motion from a 
the earlier results to those presented here is in the value of assumed Young’s : 


| 
i= 
_ 
| 


‘modulus hot dam (the other change is the damping model); ‘it is surprising 

3 _ that the results presented here are not consistent with the earlier conclusions. 
In order to resolve what appears to be an anomaly, the earthquake stresses — 
(excluding initial static stresses) due to horizontal and vertical ground motions, _ 
_ separately, and including hydrodynamic | effects, for selected finite elements | 
(Nos. 40, 41, 129 in Fig. 1), are presented in Fig. 9. Although considerable 2 
stresses are caused by vertical ground motion, they partially cancel the stresses 


- motion components are considered simultaneously. . The ‘contribution of the 
GROUND MOTION 


a 


TIME - 
FIG. 9%. _— at Selected bated of Pine Flat Dam on Rigid Foundation Rock 
due to Separate Action of S69E and Vertical Components of Taft Ground Motion. | 
Hydrodynamic Effects are Included but Static Stresses are Excluded (1 psi = 6.9 


vertical of ground motion to the total r response cofa a oan. including 
_ hydrodynamic effects, therefore depends on the relative phasing of the peaponees 
to horizontal and vertical ground motion, which in turn, depends on the phasing ; 
of the ground motion components ar and the vibration peoperties : of the dam. y 
__ The foundation impedances for a half plane are smooth, slowly varying functions 
= of the the excitation frequency. However, the apeedynnite terms are unbounded — 


| 


dam is decreased and | the corresponding damping ratio is: increased due 


on 
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VERTICA 


2 
NODAL POINT 73 HORIZONTAL 
2 
VERTICAL 


— POINT 118 NODAL POINTI62 
FIG. iil Response of Pine Flat Dam on ‘Flexible Foundation Rock > 
to S69E per of Taft Ground Motion. Hydrodynamic Effects are Excluded 
(lin. = 25.4 om) 


HYDRODYNAMIC 


= 


FIG. 11 —Envelope Values of Maximum Principal (Maximum Tensile or Minimum 
Compressive) Stresses in Pine Flat Dam on Flexible Foundation Rock due to S69E__ 
_ Component of Taft Ground Motion: (a) Hydrodynamic Effects Excluded; and (b) 


than the frequency seduction due to hydrodynamic effects. 
' The ordinate of the pseudo-acceleration response spectrum for the S69E compo- 


nent of Taft ground motion is seen unaffected by the i increase in vibration -. 


= at the natural frequencies of water in the reservoir. Asa result, the dam-foundation | i” 
k inte ion inflnen the nse he dam i imnle manne han 
 -2 
| 
a = ~ : 
Z 


“period but would be reduced due to the increased damping (Fig. leads 
to increase in displacements (compare Figs. 5a and 10) and reduction in stresses 
J [compare Figs. 6(a) and 11(a)]. The displacements increase due to lengthening 
the period [Figs. 5(a) and 10]. Flexibility of the foundation tock 


HORIZONTAL 


NODAL POINT 18 NODAL POINT 162 
FIG. 12~tilesteeneied Response of Pine Flat D Dam on on Flexible Foundation Rock 
to S69E and Vertical Components, Ground Motion. Hydro- 


HyDRODYNAMIC 


FIG. 13.—Envelope Values of Maximum Principal (Maximum Tensile or Minimum | 
p Compressive) Stresses in Pine Flat Dam on Flexible Foundation Rock due to S69E_ 
_ and Vertical Components of Taft Ground Motion: (a) Hydrodynamic Effects Excluded; 
and (b) Hydrodynamic Effects Included (1 psi = 6.9 KN/m?” 
permits motions at the base of the dam (Fig. 10) but these are much smaller 
al than the motions at the crest of the dam. Comparison of Figs. 6(a) and 11(a) p 


that the es near the base of the 
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NODAL POINT 73 HORIZONTAL 
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‘The effects of dam- foundation rock interaction on the response of the 


to horizontal and vertical components of ground motion acting 
= be observed by comparing Figs. 7(a) and 12 with Figs. 8(a) and 13(a), 
_ respectively. These effects are generally similar to those observed in the foregoing 
- the responses to horizontal ground motion alone. The contributions of the — 
vertical component of ground motion to the total response of the dam are whee : 
small [compare | Figs. 11(a) and 13(a)}. 
Dam-Water ano Dam-Founpation Rock Interaction Err Errects 
Interaction between the dam and foundation rock affects the response of 
. the dam in a similar manner, reducing the fundamental resonant frequency and — 
- increasing the effective damping, whether hydrodynamic effects are included 
ornot (Fig. 3). The resonant is reduced by: dam- foundation 


rock interaction and by dam-w 
Sa 
DAL POINT NODAL POINT 
Lj] ¥ i 


one an 
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NODAL POINT 73 HorizonTaL 
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2 
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TIME- seconos 


NODAL POINT 116 NODAL POINT 
FIG. of Pine Flat Dam on n Flexible ‘Foundation Rock 

to S69E Component of Taft Ground Motion. Hydrodynamic Effects are Included (1 he 


in. = 25.4 mm) 


in further 1 in frequency when both interaction effects a are 


4 with either the response . of the dam alone or the response including hydrodynamic tor 

_ However, the displacements and stresses due to either excitation—horizontal 

gr ground motion only or horizontal and vertical ground motions congener 

_ considerably increased due to dam- foundation rock interaction, [compare Figs. 

and 14, 6(b) and 11(b), 7(6) and 15, , and 8(b) and 13(0)). Compared to” 
the response of the dam including only hydrodynamic effects, the stresses in = 
upper parts of the dam are increased due to dam-foundation rock interaction ; 7 

_ when the excitation is only the horizontal component of ground motion [Figs. | 

 6(b) and 11(5)); also, when excitation included the vertical of 


flexibility. The area enclosed by 


™ 
| 
7 
increased to much lesser extent because of the stress-relaxationdueto foundation 
- a particular stress contour increases due to a 


HYDRODYNAMIC AND FOUNDATION 


foundation rock interaction, indicating the dom is stressed beyond 
that contour value o era 

occurs in spite of the decreased response “indicated by ‘complex frequency 
- responses, ‘because dam-foundation rock interaction shifts the fundamental 

resonant period to correspond with a peak of the response spectrum (Fig. 4). 

_ Thus, the effects of dam-foundation rock interaction and dam-water interaction | 
: on earthquake response of the dam depend partly on the relative ordinates _ 


of the response spectrum at resonant periods of the dam with and aed 
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2 
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FIG. 15.—Displacement dl Aes of Pine Flat Dam on Flexible Foundation Rock 
to S69E and Vertical Components, Simultaneously, o of Taft | Taft Ground und Motion. | — : 


=e Effects are Included (1 in. = 25.4 mm) ‘ge 


obi displacements and stresses of Pine Flat Dam due to the Taft ground 


a otion are increased significantly because of hydrodynamic effects. Compared © 

to the response of the dam including only hydrodynamic “effects, the stresses 
in the upper parts of “the dam are significantly increased due to interaction ‘ 
between the dam and the foundation rock. Stresses at the heel of the dam 
_ are increased to a lesser extent because of the stress relaxation due to foundation _ 
flexibility. The influence of dam-foundation rock interaction and dam-water 
interaction on the response of a dam depends in part on the change in the F 
response spectrum ordinate associated with _changes ‘Tesonant 


effects of dam-foundation rock interaction on the response of the dam 
are generally similar with or without the vertical component of ground motion. [im 
rInteraction Effects,” the contributions 
VERTICAL 
NODAL POINT 154 HORIZONTAL 
| 
@ 


«shape of the. earthquake response spectrum in a neighborhood o of these resonant a ; 
frequencies. Although considerable stresses in Pine Flat Dam are caused by 
the vertical component of Taft ground motion, they partially cancel the stresses 2 
a to the horizontal component, resulting in reduced response when both ground — 
motion components are considered simultaneously. The contribution of the = 
vertical component of ground motion to the total response of a dam, including | 
hydrodynamic effects, depends on the “relative "phasing of the Tesponses 


horizontal and vertical ground motion, which in turn depends on the phasing 


of the ground motion components and the vibration properties ofthedam. “ 


ground motion vetinvee in this paper may not apply to other dams or ground 
_ motions. However, the broad conclusions presented should be valid for many — >. 
; cases. In particular, the earthquake response of concrete gravity. dams will be 
| = generally influenced to a significant degree by the effects of dam-water interaction _ 
and of dam- foundation rock interaction. These effects should therefore be 
* considered in the analysis of dam response. Similarly, the contributions of the | 
vertical component of dam should be included. 
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_ The seismic design of a structure can ste a LS task. There are » sovenil 

; “alternative design techniques in use which vary from a relatively simple static 

“ assignment of shears to a full complete nonlinear dynamic analysis. The total 

plant replacement value of Navy st shore installations ins ‘seismic zones 3 and 

4 is approx 21 billion dollars. The Naval Facilities Engineering Command 

(NAVFAC) guidelines specify that for critical buildings a site seismicity study 

be performed in lieu of the lateral load coefficients. Previous Naval Civil 

; Engineering Laboratory reports (5-9) demonstrated an approach for computing 

the probability of seismic loading at a site. Current NAVFAC criteria for important 

4 ‘structures specifies a 225- “yt return time earthquake (80% probability | of not 

__ being exceeded in 50 yr) as the basis for seismic design. This study will investigate 

‘risk- -optimized procedures for Navy shore structures to minimize damage and 

repair costs in relation to initial construction cost. A damage function relating 

expected damage as a function of the imposed acceleration level can be 

constructed. This may be combined with a function relating cost of construction 

as a function of design acceleration level. ‘Total com may be related to design © 

The probability of site acceleration used in this stu y is based on the total 

risk to the site from All of the faults in the area, and as such represents a 

rigorous estimation of the actual risk. Less rigorous studies attempt to design | 

for the most significant fault, ignoring all others. This is a simplification perhaps 

useful for design; however it understates the risk in most situations woete there 
are several faults of almost equal seismic capability. 


___ Building Damage.—There is a correlation between the degree of damage and 


matrix for buildings in the 1971 San Fernando earthquake. This gives an overview 


a of structural performance, but does not relate structure design parameters. In 


a similar w: way Culver et al. Q), knowing | the quality « of construction in terms 
3 of strength, physical condition integrity, and workmanship estimate drift to yield _ 
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the intensity of shaking. Whitman et al. (8) give an example of a damage — 
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and ductility to failure. These set up allowable deflection guides for comparison . 
_ with results from an analysis. Refs. 4 and 19 give damage as a function of 
ae and an attempt is made to identify both the subsystems of the structure © 

and the damage to each subsystem. Another study by Sauter (17) also sed 

damage ratios as a function of intensity; ‘see Fig. 

In evaluating the total loss to a facility from an earthquake, one must include 

_ the physical damage, the injury and loss of life, the damage to contents of 
= building, and the interruption in the functional use of the facility and its” uf 
2 associated cleanup. Ref. 1 §<pore an analysis of damage levels and suggests: 


ers 


10 


Yo 


/ 


without seismic design 
steel frames-without seismic 
design { 
 feinforced ma: masonry- medium quality 
without seismic design 
4 reinforced concrete-frames with 
seismic design 


hi Shearwalls with se seismic le design 


steel frames with seismic 


“FIG. 1 —Average Damage Ratio Relationships (from Ref.17) 
_ may exceed the pee cost of the structure. Thus, the damage ratio (percent 
of damage) must reflect the present worth or replacement of the facility, = = 
_ Physical damage involves both the structural elements and the nonstructural. 


“Nonstructural, elements include interior and | exterior walls partitions, ceilings, 


a larger monetary loss ‘than the damage to ‘the structural system. Such i is usually 
the case with steel frame buildings. Damage to the contents and ee 


‘may represent 30% of the totalloss§ 


7 


It is possible to use previous data in the form of Fig. | to determine damage 
as a function of site acceleration. Once the function has been established for _ 
each type of construction is to divide the by some form 
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Total Damage Ratio (Percent) 


0 


tha Novy “FIG. 3. —Steel Frame with Seismic Design _ 


1981 


2, 3, and 4). For the types of construction indicated, curve A may be dcnwn 
relating damage to applied intensity using data from Fig. 1. alternative 


Va 


; expression of damage ratio in terms of site acceleration one can be made; E 
see curve B. Basic design acceleration levels may be selected, and the damage 
curve normalized to produce group C. The damage functions shown have been 
_ simplified as linear functions. The selection of a design level is arbitrary; any 


of the curves Shown the s same structural performance. As the design 


in similar relationships as developed by Blume and Munroe 2), in 1 which the 
_demand-capacity ratio is related to the damage ratio for various ductilities. The 
linear damage function approach is a simplification since it assumes that saterel 


a 


Ratio Applied Acceleration to Design he 
20 (30 40 5.0 


a FIG. 4. —Concrete Frame Building with Seismic 7 


Other Losses.- —Loss of life is especially. difficult to ~The of 
life is estimated based on an historical evaluation of previous oa from — 
pee 


The number of injuries may be estimated as prs 
moe Umer ike tae teen to, 
‘All injured = 43. ox x Loss Life; = 2.8 x Loss Life 


a 
is to co dasa 
a function of design level and applied loading. The former approach is sufficientl — 
| 
a 


‘The value of a cms tie life is s assumed to b to be § $300,000. The writer ies 

F that many readers may not approve of quantifying the value of life; further, — 
2 the specific value selected is always open for debate. Although this parameter 4 
was needed in the analysis, its specific value was found not to significantly q 


Cost Increase of Earthquake Resistant Construction.—The basic costs of ——e 

am ‘Tesistant design is found in the structural system, specifically in the b beam girders 
and the columns. Other costs include the foundation. > ae 
Nakano (12) investigated structure costs for elastic dasa. with seismic design 
; _ coefficients and allowable stress limits. Whitman, et al. (18) note the increase — 
in cost for typical apartment buildings for various Uniform Building Code design — 
— levels. These data ‘appear to be lower than those of Nakano. mT data 


an important factor i in the general cost : of cotellan te The lighter the building, 2 
the lower were the costs of upgrading 
Leslie and Biggs (11) analyzed a 13-story steel frame building. They show © 
a breakdown of costs of structural and nonstructural items. _ The costs of 
_ strengthening nonstructural systems is low. The major factor in ‘strengthening 7 
nonstructural system is providing proper anchoring and bracing. Restraint 
of equipment must be provided to prevent sliding. Restraints and bracing are 
“needed for ventilating ducts, plumbing, transformers, switchgear, and elevator _ 


motors. It should be noted that the dead weight of a structure influences 5 


resulting costs of increasing seismic resistance. Reinforced concrete structures 
would exhibit increased cost ratios, perhaps as much as a 75% increase in 
 “Feaetinie costs are very difficult to quantify. Critical structures that ‘must 
be operated after an earthquake involve secondary interaction with the commun- 
ity. The loss of life directly associated with the collapse of a hospital is the 
first interaction. The second comes when other deaths occur as a ‘result of 


the mobility to treat the community. For strategic Navy structures, a degree — 
of redundancy is poovides | in that the loss of one structure’s function can be 


study, secondary aaeten costs will not be considered i in 1 such cases. 

EartHauake Cost Damace Anatysis: 

Using typical damage and cost functions, an analysis was made of ae 

damage, injury, and the cost of earthquake resistant design for various design — 
3 levels. Site acceleration probability distributions for San Diego, Memphis, 

Bremerton, Long Beach, and Port Hueneme were used. For important structures, z 

the Navy has adopted a 50-yr exposure /life period. _ Typical results are s sho 


in Fig. 5, which is a plot of design acceleration and total cost increase. he e 
total cost includes construction increase and expected damage and injury. A 


| 
«~Department Of Housing and Urban Development (HUD U) sponsored 
_ @ Study investigating seismic design costs of high-rise residential structures. _ 
_ They concluded that upgrading typical high-rise residential construction to seismic __ 
‘requirements of the Uniform Building Code varied a great deal from city to 
= ; cit . Approximately 0%-30% was added to the basic cost depending upon the — 
q 
| 
| 
| 
| 


“FIG. 5. —Typical Cost as Function of Design \Acceleration 
tae 
tis 
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minimum cost in this example occurs a design a acceleration 


= 17 g, which has a return period of 357 yr. Numerous analyses were performed _ 
- Using the probability distributions for the aforementioned sites. Results are shown | 
= Figs. 6 and 7. Fig. 6 shows the least cost design acceleration as a function ~ 
a of the 225-yr return time acceleration. The 225-yr (20% chance of exceedance _ 
in 50 yr) acceleration characterizes the site seismicity sufficiently accurately — nj 
for all the sites and the data give a clear trend with minimal scatter, which 
is significant, considering the variation in locations. = 
_ Fig. 6 shows that for a 225-yr acceleration of 0.2 g, the least cost design = 
_ acceleration would be about 0.19 g. ‘‘Design acceleration,” in this case, implies — 
a design of a steel building to about yield level (see Fig. 4). The selection — 
Of the design level is ‘based on the ratio of collapse to design level and its 


ensoviened ductility and damage, as shown in Fig. 4. These curves are not 
_ intended to be generalized for use in design but rather to illustrate a concept. — 
Anatysis of Stupy Resutts vlavitasfia (D) samen to 
A First, it is important to point out that the data used in this study is an 
accumulation of average behavior and has a wide scatter. The intent is to 
_ demonstrate a trend, not to give guidance for a specific building, 
_ An examination of Fig. 6 shows that the data trends away from the 1: s 
_ correspondence line. The optimal design is not related to a unique return period. 
Rather, at low accelerations, it is greater than the 225-yr return time, and at 
accelerations it is less. This is in agreement with basic structural engineering 
aa — that it is difficult and costly to resist high-level shaking. There 


i 
ale! 4 

q 
| | | 
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the uncertainty will basically shift the curve to the left or the right, but 1 not a " 

change its slope. So, the basic premise that a constant return time is not a 
general optimal design level should remain, 


Two: elements in establishing design levels: are: (1) The perception of 


and reduced damage given a design level is placed in effect. From an economic = 
_ Viewpoint, an acceptable decision exists whenever the benefits minus the costs 
. is positive. The optimal decision level maximizes the net present value (11). a 
es probability of the damaging earthquakes occurring is 0.002. A building 
“may be strengthened at a cost of $10,000, reducing seismic damage of $2,000,000. bar 
The expected benefit is $4,000 (0.002 x $2,000,000). The expected benefit is 
less than the cost; thus an economic decision indicates that the building oul 
In general, the purchase of insurance violates economic theory, since i 
- insurance policy premium exceeds the expected benefit. However, substantial 
_ insurance is sold. Risk aversion is accomplished by the payment of a fixed 
cost to avoid the potential of large losses. The preception of the loss may 
a ; be linearly or nonlinearly related to the cost based on the preception of the - 
a investigator (11). If the cost of strengthening the aforementioned building 
($10,000), e.g., is viewed as an acceptable business expense, and if the possibility 
_ of the total loss of the facility is an unacceptable catastrophy, then a businessman 
may indeed opt for the strengthening option. He realizes it is not economically 
advantageous but perceives the consequence in a ‘‘nonlinear’’ manner (15). 
“3 A large. organization such as the Navy is regionally dispersed. The relationship _ 
of dollar loss from an earthquake to cost of strengthening for such an organization 
_ should be linear. Consider the case of 100 buildings similar to the aforementioned — 
building widely dispersed. It might be considered that the full loss of these 
100 separated buildings is unlikely (100 buildings x $2,000,000). Thus, the expected i 
value is indeed a good representation of the actual loss. The ‘Tisk- 


is applicable to large organizations like the Navy. (15). 

— Ref. 13 specifies procedures for use in conducting economic analyses of — 
facilities. The objectives of the analyses are: (1) To insure an optimum allocation _ 
of scarce resources; (2) to effectively consider alternatives and life-cycle funding _ 
a= and (3) to recognize that money has value over time expressed 


In this problem, the earthquake strengthening is expressed as a current cost 
to protect against a future dollar loss. real is complicated 


| or replace the damaged building some time in the future will c cost more » than 


sections expressed costs of strengthening and damage as a percent | of building 


value to maintain a common sefesence. bes 2 a cone 
i 


| 


The government has placed a value on = ney in time. Ref. 13 and DODINST 


7041.3 specify the (differential) discount rate as 10%. Ref. 13 states: { 


sector (preponderantly via taxation), are made in the ultimate behalf of : 
the private sector (i.e., the individuals comprising it), and thus bear an 
rate of return comparable to that of projects undertaken in 
private sector. In this interpretation, 10% measures the opportunity cost 
10% rate is a differential rate considered in addition to inflation. 
the present worth of the annual expected damage is considered using a discount 
rate of 10%, the present worth estimate of the damage would effectively be 
reduced by a factor of about 5. To restate this, the earthquake could — 
at any point during the life of structure; the best estimate is to consider an 
: annual series of expected losses. The present worth of this series can be computed ; 
and its value is about one-fifth of the total expected loss. This has a major — 
effect on the optimum design levels; see Figs. 8 and 9. ain ae argu 
It is important to note that the discount rate specified for use is actually 
a differential rate of 10% over the rate of inflation. It is ‘Tecognized that the 
future cost of the repair would increase in cost with time. One could use the 
pnb Tate and not consider inflation, or one could consider the | rate of 
inflation to project an increased repair cost and discount that using a discount 
rate of 10% plus the inflation rate. The results for modest inflation rates are 
<4 approximately the same. The differential cost approach is used in this study. __ 


_ Comparing ‘the | NAVFAC criteria » (80% probability of nonexceedance in 50 


= be ‘estimated (see Fig. 10). For a 50-yr exposure of a 1 building with 2 an 
initial cost of $1 million, e.g. bh udew mach ihe. 
fe 


‘ pl Acceleration level having 80% probability of not ie exceeded in 50 _ 
yr 0.26 g. —cost of seismic strengthening: $338,700; present worth of expected — 
$26, 200; and lives lost: 0.0491 people. an 
Pr Least cost design acceleration: 0.12 g.—cost of seismic strengthening: 
$123, 900; present worth of expected damage: $95,100; and lives lost: 0. 1711 
3. Damage difference (least cost design acceleration — 80% probability of 
not being exceeded acceleration): $68,900. Lowe bs ‘ A 
4. Cost difference (80% probability of not being exceeded acceleration 
5. Lives lost (least cost design acceleration — 80% probability of not being 


=. ‘marginal value, $1,200,000, for the current criteria . earthquake e of 80% 
probability of not being exceeded in 50 yr is high in comparison with other | 


— 
| 
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800,000 1,000,000 1,200,000 1,400,000 


 Paté (1 (16) has calculated the “marginal value per life which is necessary to 7 
have’ benefits exceed costs for seismic design level in the San Francisco bay 
7 area. Her results, _ although tentative, , indicate that to adopt the | 1973 Uniform — 
Building Code, a value of life on the order « of $6,000 cope for the enforcement 


_ saved in other sectors of public safety is much lower. In the transportation _ 
sector cost benefit analysis projects are around $300,000. The conclusion of 
. Paté’s work is that it is hard to justify the 1973 and 1976 seismic design provisions 

solely on the interest of life safety, 
Organizational theory suggests that an individual within an organization accepts __ 

a framework which defines the areas of his responsibilities and correspondingly 
narrows the scope of his alternative decisions. » 
_ Engineers i in seismic design are not usually | tasked to resolve problems from 

‘the viewpoint of i investment costs and protection benefits. Engineering regulations a 

from as far back as the Code of Hammurabie have had public safety foremost. 

The public perceives a requirement for the government to assure safety. Yet 

"according to Paté (16), the value of life in other sectors such as health is markedly — . ] 
lower than imposed for building safety; take, e. g., , the $20,000/life value as 

a result of the program to reduce the risks of heart attack. The et 


action results from the public and the professional engineers s risk ¢ aversion of ff 


specific ication of a 225- “yr return time acceleration not produce 


1423 
i 
Gy 
ss of old buildings to the same standards. A value of $20,000,000/life is required A 
to dant the nrovicion or ne onctr ion he = Ost ne life 
Zz 


least total cost designs over all ranges of acceleration. nsané. the least om 


cost design acceleration varies with site activity. It may not be economically ay 
_ advantageous to design against high ground acceleration. Use of economic analysis ask 

procedures offers a way to evaluate economic alternatives and allows for the 

rational determination of design levels consistent with prudent | assessment bf 


. and may not be directly applicable to civilian structures. Tax laws, etc., , and 


Private | values | of use — the choices. 
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STEEL FRAMES wiTH NONLINEAR Connections* 
ee By Piotr D. Moncarz* and Kurt H. Gerstle,” M. ASCE 


_ Problem and Objective. —To facilitate the design of unbraced multistory steel 


building frames, the American Institute of Steel Construction Specifications 
(2), Sec. 1.2, provide | for their idealization as either rigid-jointed frames, designated — 

as “Type a ” or for the assumption of a ““Type 2” construction which allows 
gravity | loads to be resisted by simple- -beam action, while lateral loads are to” 
be carried by moment-resistant girder-column joints. “Type 3,’’ finally, provides 


for more rigorous” analysis, which includes the effect of actual connection _ 


= flexibility. 
Both: Types | and 2 are commonly used and, when followed 


with discretion and judgment, have resulted in satisfactory structures. However, | 
because Type | assumes perfectly-rigid joints, it may underestimate the sway 
of the bare frame, and might result in overly heavy columns. Buildings designed _ 
a as Type 2 may have girders which are too heavy, and d columns» wan ae oe 
weak, when | compared to more exact analysis. bie soil 
In many locations, climatic conditions limit year-round field and 
_ field-bolted frames may therefore be preferred. Bolted connections may be more | 
_ flexible than fully-welded joints, thus accentuating the need for Type 3 construc- 
tion. While modern analysis methods allow inclusion of connection flexibility, 
mecessary information connection behavior and suitable 


the effects of realistic connection behavior, information about the expected 
response of structures designed according to Type 2 methods under real loads, 
and to shed light on the validity of the underlying assumptions and the aT 
and economy of the resulting structures. ~ Ay 


Presented at the April 14-18, 1980, ASCE Convention and Exposition, he held at Portland, 

‘Doctoral Candidate, John A. Blume Earthquake Engrg. Center, Dept. of Civ. 
Engrg., Stanford Univ., Stanford, Calif. 94305; formerly Grad. Asst., Univ. of Colorado, 
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Prof. of Civ. Engrg., Univ. of Colorado, Boulder, Colo. 80302. 
_ Note.—Discussion open until January 1, 1982. To extend the closing date one month, 
a written request must be filed with the Manager of Technical and Professional Publications, 
_ ASCE. Manuscript was submitted for review for possible publication on April 17, 1980. 
This paper is part of the Journal of the Structural Division, Proceedings of the American 

Society of Civil Engineers, ©ASCE, Vol. 107, No. ST8, ISSN 
8001 /81 /0008-1427 /$01.00. 
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ow With this _ in mind, this paper in ‘beanies sections, will briefly examine 
actual connection behavior, outline a method of analysis which accounts for q 
nonlinear connection behavior and variable load histories, and apply it to = 
_ Variety of frames to document the consequences of approximations on the 2 


_ prediction of sway, force distribution among girders | ans | columns, deflection 


The behavior of riveted g girder- -column connections and various 
a (11,16,18) beginning in the 1930s. These studies lead in general 
, to curves of applied moment versus joint rotation. Frye and Morris (8) developed | 
a equations for moment-rotation relations for a wide range of connections. Interest | 
in earthquake response has led to a number of studies of joint behavior under > 
_ Early analyses of flexibly-connected | frames (4) could ; solve “only simple 
situations. With the advent of matrix-computer methods, more general structures | 
were analyzed statically and dynamically (10,13,19), usually with the assumption 
«of linearized connection behavior. Recent studies (8) have also considered the 
_ effects of nonlinear connection response under proportionally-increasing loads. 
‘The solid foundation provided by these analytical studies has so far not been 
utilized for systematic investigation of real building systems. 
Ss the practical side, Disque (6,7) has provided j justification of Type "9 
construction, based on the of Tedistribution excess moments 


“other hand, McGuire ( 14), by | example ‘calculations of a simple frame, ‘pellibed 
- out some pitfalls of Type 2 construction. A general overview of current thinking 
_is provided by a recent ASCE monograph (3), which stresses, in several places, 
: the importance of a realistic assessment of the effects of connection flexibility. =, 

‘Frame Analysis.- —The ‘matrix ‘displacement “method d (9) is used | to > determine 
“displacements {4} and forces {X} under loads causing fixed-end forces 

= [K] {A} + 


te 

) omit 


| 
q 
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1.—Analytical Model of Beam with Flexible Connections Ass 


of the « ‘element stiffness matrices ]. In this nonlinear an antes 
matrices, and therefore [kK may vary as function 


Element Stiffness.—The effects of connection flexibility i is modeled by po toll 
rotational springs of moduli k ,, k, to girder ends as shown in Fig. | A. classical 


methods (10), the following giader stiffnesses ar are ‘obtained 


EI k, k, 


k 

L + +. 


\EI 
3EI k, 


Hi 


The remaining sti tffne und by statics and symmetry. 
_ The end er ends due to a uniform load, 


2 


2EI k,/ \4EI k,/ 
+ 
4 end forces can be determined by statics. bigs AR 
Connection Behavior.—Following the cited references, the moment-rotation 
. behavior for the girder-column connections was assumed to have the characteris- — 
_ tics shown in Fig. 2. The following information is obtained from connection 


tests under monotonically-increasing moment: (1) Initial modulus, k.,; (2) propor- 
tional limit, M,,; (3) shape of nonlinear portion of curve; and (4) asymptotic» 


Toad an Oad history, and may have to be modifie rom load step to loa , 
a 
| 
7 
im 
J 
4 a) 


For prediction of the response under load | histories, the following 


were made on the basis of experimental curves shown elsewhere (5,17): (1) 
Elastic unloading with modulus, k,,; (2) constancy of elastic range equals 2 a 


[\e 


cal For purposes of this analysis, this behavior was trilinearized as shown in 
Fig. 3. Thus, the complete specification of connection -Tesponse requires two 


Tut 
| 
a 
| | 


moment values , M,, and M,, and three moduli, k,, In view of 
_ the uncertainty of actual connection behavior, this simplification appears per- 
Computer Implementation.—To accommodate both arbitrary load histories and 
‘connection nonlinearity, the solution of Eq. | is carried out incrementally and © 
piecewise-linearly. Under increasing loads, each connection is checked for — 
attainment of the critical moments, M,, and M,,; the load step is factored to’ 
= event, and incremental Gegineumente and forces are calculated. The stiff- 
nesses are modified by substitution of the new moduli, a new solution is carried 
out, and the incremental results added to ) previously accumulated values. In 
= = during each load increment, each connection rotation has to be checked | 
for increase or decrease, so that appropriate loading or unloading moduli can 
_ The computer program with its automated input and its plotting ees 
for output is presented in details in Ref. 15. 


Problem Statement.—The two- -story, single- bey frame shown in Fig. 4 was 
designed ba Kahl (12) on the basis of Type 2 construction followed by redesign 
: 


_|con.1 4 


based on elastic analysis, which included linear connection flexibility to resist 
the following service loads: (1) Dead loads g = 0.07 7 kips/sq ft, or 1.86 kips/ft 
of each girder; (2) live load p = 0.05 kips/sq ft on the lower floor ‘only, or 
= 20 kips/ft of lower girder; and (3) lateral load of intensity, w = 0.02 evan 
ft of wall, resulting in concentrated floor loads of W , = 5. 76 kips, W, 
The joints were chosen by Kahl from among the top and seat angles tested J 
by and Hechtman (11); 25 was for the beam 


- connection, and Specimen 23 was selected for the upper beam connection. The _ 
. experimentally-determined moment-rotation curves are shown in Fig. 5, along *. 
ee with the trilinear approximations and the linearly-elastic moduli used by Kahl. brn 


(et -in/rad. = 
trilinearized 
lower connection 
linearized 2.670 
trilinearized 
upper connect ion, 


2. 616 


FIG. 5 —Example 1 Connection Properties. 


- 


cas was 


The following analysis is intended to check the validity of this design | scheme 
under a severe load history. The following questions have been posed: 
Do the lateral deflections of the structure stabilize? 


V4 
400 
— 
| 
ff 
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Do the internal forces the design forces? 

4 3. Is the assumption of linearly-elastic connection behavior <r gurl 
To this purpose, the loading sequence presented at the bottom of Fig. 6 — 
has been chosen. The gravity loads are of values previously stated; the lateral - 


loads were assumed of four ‘different intensities, w= 0.01, 0.02, 0.03, and 

0. 04 kips/sq ft of wall area. eres Wes te Pryt 


history for several lateral load intensities. The first load application causes the 
largest deflection, part of which is inelastic as can be deduced by the curved | 
- load-deflection curves, and by the residual racking. after removal of the lateral | 
load for all but the lowest load level. The constant behavior under subsequent > 


load cycles indicates shakedown of the structure. 
design kind. The near 


Type 2-girder & 
design, 
| 


FIG. 7.—Girder Design Moments as Function of Lateral L Load intensity for Different. 


Wee, 


ad The maximum top story sway of 1.33 in. for w = 0.04 kips /sq ft may be 
compared to a corresponding value of 0.84 in. assuming rigid joints, and 1.26 — 
in. assuming the linearly-elastic moduli shown in Fig. 5. mae | eT eee 
_ Girder and Column Moments. —The largest critical girder moments obtained © 
~ during the entire load history are shown plotted versus lateral load intensity — 
in Fig. 7, and those for the leeward lower column top in Fig. 8 according © 
to: several types of analysis. Figs. 7 and 8 show that the assumption of 
3 linearly-elastic connection behavior yields results close to the “‘real’’ ” behavior. 
The results of the various approximate methods are as s expected (the maximum — 


girder moment varies nonlinearly with load intensity because of variable location : 
Connection Behavior.—The occurrence of shakedown to linearly-elastic con- 
nection behavior as postatened in Ref. 1 can be checked by _ observing the 


q 
| 


 moment- rotation histories of the connections. In Ref. 15, thee: are plotted; — 


‘they show that after initial inelastic « excursions during the first half of the first ed 


- connection, all further moments vary along the linear unloading curve. For 
this structure and loading therefore, the postulate of Ref. 1 is satisfied. aa 
Problem Statement. —The eleven-story with nonlinear flexible connec- 
tions shown in Fig. 9» was designed and analyzed by Frye and Morris (8) for | 


> 


FIG. 8. —Column Design Mon Moments as F Function of Lateral oa Intensity for for Different a 
an 
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— aasttes gravity and lateral loads. The structure, which has very 
"conservatively c chosen members, was to be reanalyzed to investigate the — 


4 -jointed frame analysis 


because of connection 


| 
for the leeward airing the second oF This Tor the 
| 
a 
two factors, 
| 
‘ 


"STEEL FRAMES 


2. The effect o of n ding; iti inci 
loading; the superposition principle 
is invalid for nonlinear structures, the actual load history must be considered. 
To simulate a more realistic sequence of loading, the gravity load is applied 
‘first, followed by the lateral loads, and sways: are compared for the two load _ 
No actual connection properties were specified by Frye and Morris (8), so 
the given sizes of the bolted split-tee connections were used to deduce moment- _ 
rotation curves using the formulas in Ref. 8. These curves are then lumped 
into seven different types, and trilinearized in an appropriate fashion for use 
in the program. Because of program limitations, the concentrated girder loads © 


of Frye _and Morris were replaced by statically- uniform loads. 


Fig. 1 10 shows the maximum 1 sway as function of the fraction of the e applied 


FIG. 10.—Example 2: Development of Lateral Deflection of Top Story 


and Proportional Gravity and Lateral Load Histories 


1 Curve 1, results in an overestimate of the sv sway over that due t to a more re realistic — 
_ load history, in which the wind is acting on the fully-loaded structure. With | 
_ increasing wind pressure, the different load histories yield closer results. As 
expected, the assumption of rigid _— results it in a considerable underestimate — 
of the of the bare — 


Problem Statement. —The design method directional moment connec- 


design in 11. Leads are: (1) Dead load g = 1. 5 
kips/ft; (2) life load yo 1.5 kips/ft; and (3) total lateral shear W = 30 kips. 
Member sizes and connections as designed to resist the loading by Disque by 
the proposed method are shown in Fig. 13. The purpose of the present analysis 

5 is to investigate the behavior of the structure as designed under a real load > 


_ 

iz 


Ref. 7 and shows 4 in Fig. 13 are predicted differently by various methods. — 

_ To bracket its probable response, analyses were performed based on Curves 
a and 3 of Fig. 13; the former is the curve predicted by Frye and Morris 

8), the latter is the same curve modified to yield the perfectly- plastic strength © 

| 


FIG. 11 —Disque’ 5 s Subassemblage (7) 


+ 
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4 


—, 


a assumed by Disque (7). Several cycles of the postulated load history are shown 7 ' 


in the lower part of Fig. a 


si 

“Sway —The plot of sway of the lower Story during the first four cycles of 
loading i is shown in Fig. 14. The sway of a similar structure with rigid connections 
‘isa also sh shown for comparison. Th Lead connection strain hardening 


7 11. To determine these shears more accurately, the subassemblage was replaced a - 

= by the three-story structure shown in Fig. 12. All results and comparisons refer ; 

4 
494 
¥ 
| a ~ ih “(kip-in) | are 4 | 


is evident by comparing | the sways with the perfectly- -plastic a 3: with 
those with Connection |. The lateral sways tend to stabilize; those during Cycles 
3 and 4 are almost identical; full shakedown might be expected during the “a 
following cycles. However, the curved nature of the plot during application 
of lateral loads (Steps 4, 8, 12, etc.) indicates nonlinear behavior during each © 
_ load cycle; this will be documented further while describing connection response. 
- Internal Forces.—Plots of girder moment variation (15) will not be shown 
“here; similar to the sways, they tend to shake down after a few cycles. Because 


FIG. 14. —Example 3: Relative First Story 


(Kips) 
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‘FIG. 15 15.—Example 3: ‘Shear Force i in in Windward C Columns 


- the girder sizes were selected according to simple beam moment requirements — 
as is usual in Type 2 construction, all actual girder moments are well on the — ; 
Column moments tend to be more critical, as usually in buildings designed — 
as Type 2. We present results for column shears, defined as in Fig. 11 as 


a measure moments a ast column All were obtained” 


| 
| 
[ 
@ 4, 
i 


_ for Connection Response 3, which is deemed closest to that ‘envisioned by - 


- Fig. 15 shows the ‘‘exact’’ shear forces in the two windward columns, Numbers -_ 
1 and 2. Disque attributed all column shears to the effect of lateral loads; 

these are shown in Col. 2 of Table 1. For comparison, exact values were obtained 

as the difference of shears between Load Steps 2 and 3 of Fig. 15, and shown © 

in Col. 3 of Table 1. It is seen that Disque’ S approximate shears ‘match the 2a 


to critical moments and forces from ‘exact analysis in ‘Table 2. They indicate / 
_ that Disque’s analysis tends to underestimate the memdats in the —_— 
overestimate them in the interior columns. __ 
_ 
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- 
Column 


‘number 


Moment, | Axialforce, | Moment, | Axial 
a 
in feet ‘inkips in kips- kips 
288.7 


~ numbers are keyed to the load steps ‘of Fig. 14. Iti is seen that the « connection = 


- connection enters a state of ahemneting plasticity, with energy loss during soak 
J cycle represented by the area within the hysteresis loop of Fig. 16. Similar 
behavior could be observed in other connections. It is this behavior which — 
is responsible for the alternating | permanent racking, of the frame during ‘each 
half of each load cycle apparent in Fig. 14. 
_ For the connection behavior shown in Fig. 2, such energy- -dissipative response 


occur under any loading for which the sange between extreme 


q 
Shear Forces, in Kips 
Column number D sis 
i 
| Connection Respon on of the left-hand first-story | 
: _ girder is selected for a look at connection response. The more conservative ; 
| 


connection nm moments exceeds the value 2 M.,. If, for instance, “only | one- -half 
of the live load, p, were to be removed and reapplied, then this range would © 
be within this limit, and all further behavior would indeed proceed elastically. 
“4 appears that probabilistic methods might be in order to define such load — 


i 


fia has 300 2 


7 


loment- istory for Windward on of Member 


tion Behavior Assumption3 


_ In any case, the possibility | of — alternating plasticity is contrary to the 
behavior postulated in Ref. 1, and study. pn 


On the basis of the examples presented, the following conclusions may be 
_ drawn regarding the validity of various design assumptions for unbraced multistory 


_ 1. The assumption of rigid joints is inadvisable for frames with field-bolted | 
or lightly- -welded connections. It will result in an underestimation of the bare-frame 


‘Sway, and may lead to an inaccurate prediction of critical member forces 

ws 2. Type 2 construction may ay result in frames which are uneconomical and 

of unknown strength. The reduction to purely elastic connection response ents 


on 

Wa 
| 
| 


gather, alternating connection plasticity appears a possibility (Example Dis. 
‘more exact analysis and redesign should always follow a Type 2 ~ eon 


3. The assumption of linear response of flexible connections seems reasonable © 
= appears to give a good prediction of the actual bare-frame response, a 
judgment and more testing is required to establish good connection moduli 
_ (Example 1). Analytical methods are available which permit inclusion of connec- 
- tion flexibility, but need to be developed © for office use to encourage wider 
4. Sequence of load application a appears to have a minor influence on the 
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elastic modules; under the ection cd 


uniformly- distributed gravity load; — 
moment of inertia about axis of 


structural stiffness matrix; 

stiffnesses of left and right beam end springs; 
rotational stiffnesses for trilinearized connection behavior; eal 


= | initial rotational stiffness of connection; 


term of element stiffness matrix; 


shear force; = ae pipe). 


w = _uniformly-distributed horizontal load; 
fixedendforce; 


d 
{4} vector of nodal displacements; and 


6 = angle of rotation. 


bending moment; 
connection proportional limit moment; 
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Lashkari' and Victor I. Weingarten*= 


power plants. All utility companies 2s involved in the design and operation o of > 
nuclear power plants are required by the Nuclear Regulatory Commission (NRC) | 
to consider the safe shut-down of the plant if a major pipe break occurs. Therefore, % 
5 all essential equipment for the safe shut-down of the plant must be protected 
_ against the effects of pipe breaks by installing pipe restraints. The analysis 
~ ‘ and design of these piping restraints, particularly under the action of dynamic 
type loadings, is a critical task from the standpoint of safety. In actual construction - 
of such systems snubber restraints are frequently used in appropriate locations | 
in order to limit the transverse displacements of the pipes and their subsequent "a 
_ possible breakdown due to large and uncontrolled deformations. The analysis _ 
a of the pipe restraint problem is usually performed by computer models. A number 
; of studies have been performed both analytically and experimentally to stage cll 
the nature » of the problem and also to investigate the system response subject — 
to dynamic and impact type action (1,2,5,6,8). The piping system model that 
_has become more or less standard in such studies, Fig. 1, is formed from a 
cantilever member whose free end initially rests at a preset distance (gap) from 
_ a truss type element. This element selected with a suitable measure of stiffness 
the essential task of ‘restraining the displacement response of the pipe. 
As the p pipe impinges “upon ‘this element with a gap—henceforth, called ‘“‘gap | 
_ element” - —depending on the magnitude of the force and also the material 
‘properties of both the pipe and the gap element, it responds with a varying» 
a In the present study using the finite element method, the pipe whip problem 
4 “Presented at the April 14-18, 1980, ASCE Convention and Exposition, held at Portland, 
"Research Asst. Prof., Dept. of Civ. Engrg., of Southern Los Angeles, 


, Dept. of Civ. Engrg., ‘Univ. of eecieee California, Los Angeles, 


4 Note. —Discussion open ‘until January 1, 1982. . To extend the closing date c one month, 
a written request must be filed with the Manager of Technical and Professional Publications, | 
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Society of Civil yoy ©ASCE, Vol. 107, No. ST8, » Ament, 1981. ISSN 0044- Wy 
19,4168 


= Manuscript was submitted for review for possible publication on June 10, 1980. 
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a of material nonlinearity both in the 
Pipe (striker) and the gap (target) elements. The effect of material damping 
* the forms of Rayleigh damping coefficients as well as damping due to impact — 
between the striker and the target which may behave in a nonlinear fashion 
has also been studied. The program SAP7 (8), which is based on the NONSAP 
7 program (4), was used to provide solutions to a series of pipe whip problems. — 


meas: 


Experimental results by Anderson and Masri (2) were then utilized to determine 
the correlation between the analytical and test values of the system response. d 
_ Finally, in a parametric study, the effect of several parameters on the response 
Of the sytem © was evaluated certain conclusions the effectiveness 


Beam cross- 
section 
secti 


FIG. 1.—Simulated Pipe Whip Problem Model sqyt 

these parameters to ) CONBITCE ERO models that most suitably duplicate experimental 


Ad The SAP7 program is a general purpose nonlinear static and dynamic finite 


_ element analysis program @). The system response using the SAP7 el 


of motion with the. Wilson e or Newmark time integration “scheme | (3). In the 
present investigation, the Newmark operator with a = 1/4, 8 = 1/2 (average 

constant acceleration method) was used. Both material and geometric nonlineari- 

ties can be considered. Details of the solution procedures as well as various a 

nonlinear material representations are given in Reference (8). The program was ne 


modified to perform this study. A linear “elastic beam element was in- 


4 
orm this st tic be 4 
zee into the program element library. The nonlinear material anddeflection 
option for this element is currently being developed. In addition, a gap element 

3 which has exactly the same features as the truss element (8) plus nonlinear __ 


damping characteristics was added specifically for the purpose of wag pipe whip aes 


subroutines were ‘added to the program. Pre- - and post- processor subprograms 


| 

AN experimenta study was recently conducted by Anderson an M asm (¢) 
= determine the effect of both material and geometric nonlinearities on the _ 
response of the pipe whip problem. The dynamic system considered for this 


PIPE WHIP PROBLEM 


was a cantilever with a concentrated m mass at the one. The 


rm Rr nonlinearity was introduced by placing a fixed-fixed beam (target), 
ome to the cantilever beam (striker) and at a specified distance from the 


TABLE 1.—Test 


T 


4 


‘4 


FIG. 2. —Basic Modet ‘Configuration 


of the high power required to drive a dynamic system in the inelastic range 
only the impulsive acceleration tests considered material nonlinearity. The © 
—- tests considered elastic material and geometric nonlinearity. ile 
_ In the present inquiry, three of the tests performed i in Ref. 2 and summarized — 


. ated Mass. A typical ystem 
q 
In labile were seiecte OF an ana yuca scrutiny Dy means finite ciemen 
method. The finite element method procedure not only permits the rapid 
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—(a) Geometry ond Material Property of Striker (1 in. a“ 4 mm, 
kg); (b) of Target in. = 25.4 mm, 1 Ib = 0.453 


NERTIA FORCES QUE a 

LOAD A 


0.453 

» 19 \ \ 299 205 290 248 244 240 249 258 

rinite Element 2/D Elasticity Model (lin. = 25.4 mm) 


Pf 
in the value of parameters the of. their 


: but also is a viable technique which allows the a analysis of very complex 


geometry and properties of the system is given 


schematically in in Fig. 3. The pipe cantilever was separately 


— 13.0": 


"Concentrated mass 


Lee: 


Relative 
displacement 
OG. 6.—Nonlinear Da ping 
the 8- er isoparametric plane stress element : and | the three-dimensionsl beam 
i element. Also, a gap element with nonlinear damping characteristics was devel-_ 
= = oped to implement the damping effect between the striker and the target during 5 
= short period of impact. These a are described in the following. 


sa stress elements shown in n Fig. 4 modeled the striker beam. In the numerical « 


¢ 
5.—Finite Elemen mm, 1 Ib = 0.453 kg) 
d 


and the plastic behavior of the pipe during the dynamic response was cdusidered. 

using flow theory of plasticity with Von Mises yield condition. The effect of * 
the initial gap was modeled by providing an interface or gap element (truss 
_ element) with a stress-strain relationship which could be linear or nonlinear 


4 


(sas 
A | 


| 


one 


owe the elastic or the elastic-plastic nature of the target material. For =) 
the case under consideration, the mass of the restraint (gap element) was assumed» ey 


~ negligible and therefore was not a factor in the finite element modeling. It 
should be observed that two difficulties were experienced in the use of this 


| 
| 
| 
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sts PIPE WHIP 
+. om WHIP PROBLEM 


ina poor correlation between the analytical and the experimental ' values, mainly 
_ due to the presence of some high frequency oscillations. This problem was © 
bene to some degree by introducing a measure of Rayleigh damping into 
the striker beam material. Also, in view of the relatively large number of degrees Z 
of freedom for this mode, the computer runs turned out quite long and costly. 
‘Beam Element Model.—Seven 3/D beam elements were used to model a 
Pans beam, as shown in Fig. 5. Only t tests” 27 and 36 from m Table | were 
EXCITATION 27] q 
ot 


5 


0.24 0,36 0.60 


on 


14 wel 


-70.00 


‘TIME 
a. 


“analyzed using the beam element the mass of the gap element 


‘was disregarded i in the analysis. 
A point that deserves notice is associated with the difference observed in 


the system response when it was modeled with isoparametric continuum elements _ 
as opposed to that with beam elements. The high frequency oscillations that * 
rs occurred in the elasticity solution as a result of elastic waves ‘causing perturbation 
were ‘not present in the c case of beam 


and nonlinear damping bomen was also incorporated. These properties are | 
‘defined by means of relative a and Telative velocity | versus damping ; 


q | 
| 

= 


= 


5 4 coefficient curve curves ‘exemplified by those of Fig. 6. The ‘designation | of “gap 
element’”’ 


is due to the fact that by defining a nonlinear material and a nonlinear 


~ damping for the element, special effects such as locked displacement within me 


a specified gap can be obtained. The final damping Pearenereneh utilized by th the 


in which the ‘total coefficient; and Cra = factors 


F to the relative displacement and relative velocity versus damping curves; and 


LEXCITATION 27 | 


OD. 12 0.24 # 0,36 
Recorded base acceleration 


b) Recorded 
ar (2/0) A=0.0, 8200,C=0.0 


“ACCELERATION. 


ccD and CCV = = the interpolated damping coefficients due to relative e displace- 


multiplied by the relative axial velocity gives the magnitude of the axial force : 
whi. when added to the elastic force, produces the resultant axial force in 
the gap element. As stated earlier, in the current finite element analysis of 
the pipe and restraint model, the effect of several parameters, such as: (1) | 
Different time step sizes, At; (2) different values of the Rayleigh | oy 
factors, and from Cc + in which C, M, and K = 
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damping factors are studied. - 

ANALYTICAL AND EXPERIMENTAL 
; _ The three test cases selected for aa in ad present work will 1 

be discussed in detail. All three cases were run primarily on the basis of a 7] 

time step of At twas ab 0. 00025, _ which resulted in system responses of sufficient 


served that when | the striker beam was modeled with 2/D = 


pi 


 =50.00 
0.60 


bf 
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O42 0.36 

36 (2/0) A=0.0, Q.0, 


ACCELERATION 


“he 012 0.24 O36 O 48 60 
q 

Calculated tip on 
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 -FIG. . 10. dell Analytical Response for Test 36 (2/D Element) 


elasticity. element, any larger time steps were to ‘unacceptable approx- 
imaticas in the system response. This condition, however, was not as pronounced — 
_when the striker was ideolized with beam elements. Time steps as large as 

_ At = 0.0005 could be used even though some of the higher mode effects are 
partially “neglected ir in the process. ‘The use of time > steps s such a as At = 0. — 


an - damping coefficient, B, which results in diminished significance of the higher — 
modes, Fig.7. © 
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‘The fi two test cases were anelyzed using both the 2/D stress 


hi 
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FIG. 13. for Test 40 (2/D Element) 


= 


FIG. 14. —Analytical for Test 2 27 (2/0 — 


were subjected i in each instance to impulsive base accelerations in Fig. 
8 with peak values of 9.5G and 42.0G, respectively. Calculations bd the tp se 


” | 


a results obtained using 2/D elements with no damping, i.e., a = 0, and 
B = 0, had some the excited and thus the calculated striker 
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FIG. Response for Test 27 (Beam 


au 


16. Response for Test. 36 (2/D Element) 
was in poor agreement with results of Ref. as seen in Figs. 


9 and 10. The a damping factor of Eq. 2 has a negligible effect on damping © E 
out the higher frequency modes, and therefore was disregarded in the current © 

: ‘study. However, with the gradual increase | of the B factor, which is basically 2 
ef fective i in the modes, marked improvement was the response 
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the striker tip. The. value the B camping factor ‘appears to 

7 “be in the range of 0.0001-0.0005. With higher B values, the response begins = 
to damp out rather quickly after the initial impact. This behavior can be observed - ‘ 


for both test cases 27 and 36 in the acceleration ee of the ayeam. Figs. : a 
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AG. 18. —Analytical Response for Test 36 (Beam Element) 


Il and 12, as B is increased. Results obtained for test case 40, which rey 
_—- effects, are re indicated i in Fig. 13. Due to the high | computer cost ir involved 
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«FIG. 19. —Effect of Viscous Damping in » Tengen Material (Constant Variation) oa 
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were performed fe for the more economical bean finite elen 
the p pipe pe whip problem. For the f present analysis, only the linear beam model _ 
was available and used for the striker model. The target was modeled as a 
. linear and nonlinear (plastic) material gap with and without viscous damping. | 
Results obtained for test cases 27 and 36 of Table | considering both 2/D 
and beam are in igs. . 14-18 incl usive. / A study of Tesults 


ms 


a re 


be. 


400150 200 250 300 


Quodratic ‘Variation 


Relative Velocity 


Linear Variation 


y —Variation of Damping with Relative Velocity 

shows that the frequency “(wave propagation) response in 
- model for zero damping was not as pronounced in the beam model - 
= also the presence of striker Rayleigh damping in the beam model was a. 
to further reduce the effect of high frequency oscillations. In addition, the 
_ response of the tip deflection of the striker was greatly effected when viscous . 
damping was included in the target model (Fig. 19). A number of tests were 
performed to study the effect of damping in the target material. Specifically — 
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Response for Different Nonlinear Target 0 Damping Variations 
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FIG. 22. -Analytical Response for Test Element) 
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=" FIG. 24. Analytical R Response for Test 36 (Beam 
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éon ‘the variation n of target damping “with relative velocity as s employed in 
_ the present analysis in terms of cubic, quadratic, and linear functions, respectively. _ 
A damping coefficient factor of C,., = 0.001 was used for all three cases. 
7 The resulting acceleration response of the striker tip is indicated in Fig. 21 roo 

As seen, the inclusion of target damping seemed to have the same type | 

influence as that of the B term for the Rayleigh _ damping of the striker, namely 
a reduction in the high frequency oscillations. Although these and other nonlinear 

‘target damping models were compared and studied, it appears that a more 
extensive examination is required in order to fully understand the phenomenon. 

_ The experimental data of Anderson and Masri (2) were used to - obtain a 
_— analytical model for the experiment. A comparison of the recorded — 
tip acceleration in Figs. 22-25 indicates good agreement with the selected finite 
— models. Other numerical ‘Parameters must be selected and studied in b> 


Conciusion 


= — 


Since finite element model requires the input of many experimental 
| pesemetens, it is important that accurate experimental property measurements 
are made of these parameters before running any of the dynamic pipe whip © 
e experiments. It appears, , however, that it would be a difficult task to establish 
- aunique experimental model because of the large number of parameters involved 
and the problems associated with their precise measurements. Further experi- 
mental pipe whip data is currently being generated by Anderson and Masri 
_ using more accurate instrumentation. The present finite element models are 
being used to evaluate this data and the results of the analyses will be published fim 
in the future. The beam finite element model is also being modified to include 
plasticity and large deflection effects as well as other types of impact actions 
_ for future analyses. Results from the present study generally indicate that finite — 
element models can be developed that correlate well with experimental data. 
A number of cases involving Rayleigh damping in the striker and nonlinear | 
viscous damping in the target material were studied independently to evaluate | 
- the effect of each in the simulation of a realistic pipe whip model. To refine $ 
_ these finite element models, however, more laboratory and numerical experi- 
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junction with t 
_ The 2/D plane stress and beam finite element models yield numerical results is a 
that correlate well with available experimental data. The beam finite nga a 
model yields similar results to the 2/D plane stress model and uses much less ' 
time ‘ar se reacnn | ir investigation wi conce ate 
| 
| 
| 


. Anderson, J. C., and Singh, AL K., “Inelastic Response of Nuclear Piping Subjected 
to Rupture Forces,” ** Journal of Pressure Vessel Technology, Transactions, ASME, 


2. Anderson, J. and Masri, “Analytical / of 
System Subjected to a Dynamic Load,”’ Report No. CR-0949, United States National — 


Regulatory Commission, National Technical Information Service, Springfield, Va., July, 


3 Bathe, | K. J., and Wilson, S. &E, “Stability and Accuracy y Analysis of Direct Integration 


Methods, 
Vol. 1, 1973, pp. 283- 291. 
4. Bathe, K. J., Wilson, E. L., and Iding, R. H., NONSAP, A Structural Analysis Program 


for Static and Dynamic Response of Nonlinear Systems, SESM Report No. 43, 
University of California, Berkeley, Calif, Feb..1974. 


+s Ma, M. S., and Bathe, K. J., ‘“‘On Finite Element Analysis of Pipe ‘Whip Problems,’ 
”” Nuclear Engineering and Design, Vol. 37, 1976, pp. 413-430. ae | 
6. Masri, S. F., “‘Analytical and Experimental Studies of a Dynamic System with a Gap,” a 
® Journal of Mechanical Design, Transactions, ASME, Vol. 100, July, 1978, pp. 48-486. 
7. Moreadith, F. L., Patterson, G. J., Angstadt, Cc. E., and Glova, J. F., “‘Structural © 
he Analysis and Design of Pipe Whip Restraints,’ Structural Design of Nuclear Power — 


Plants, ABCE, Vol, 2, Doc 1973. 


_ 8. SAP7 Manual, SAP Users Group (preliminary copy), University of of eeneunrer California, 
Los Angeles, Calif., Feb. 1980. 


The following symbols are used in this his pape 


C = damping coefficient matrix; = 
factor associated with CCD (see Eq. 1); 


factor associated with CCV (see Eq. 


exrec gree af abe 
damping coefficient due to relative velocity; 
stiffness coefficient matrix; 
tre he problem. 
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three-dimensional element; and ome 
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Seismic EFFECTIVENESS OF TUNED Mass DAMPERS 
Amir M. ‘Kaynia,' Daniele Veneziano,” A. M. ASCE, 
od te John M. Biggs, M. ASCE 
Tuned 1 mass dampers (vibration absorbers) are viscous spring-mass units which 
c are added to vibratory systems to reduce their dynamic motion. Experience 
- with their installment on tall buildings indicates that wind-induced oscillations — 
are indeed reduced by these devices (14,16). Their seismic effectiveness has 
been studied by several authors, using a variety of different models for the 
ar main structure ai and for the absorber. Crandall and Mark (6) found that vibration 
7 _ absorbers mounted on single- degree- -of-freedom systems are effective in the — 
_ case of stationary white base acceleration. Gupta and Chandrasekaran (9) used — 
- one earthquake record to study the seismic effect of a group of elasto-plastic 
absorbers connected in parallel to simple elastic oscillators. The number of | 
_ absorbers and their yield levels v were found to have only 1 ‘minor ‘influence: on .. 
, _ earthquake records to > quantify the chengs in seismic response after « certain 
1 “passive motion-reduction devices” are added to multistory structures. They 
found that tuned mass dampers are quite helpful. For the case of stationary 
white noise base acceleration, Wirsching and Campbell (20) calculated the absorber _ 
‘parameters which minimize the response variance of a single-degree-of-freedom 
__ system and the first mode response variance of a 5- and 10-story shear structure. 7 
a The early findings by Den Hartog (7) on simple oscillators with an added damper, _ 


excited by harmonic forces, also bearonthe problem. = 
_ Judged from the available literature, there seems to be a general consensus | 
& that tuned 1 mass dampers 2 are useful a aseismic « control devices. . How ever, evidence 


‘real and (2) for elastic systems, to evaluate the < capability 
of various analytical models based on random vibration 
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‘The first aicive was motivated by | the observation that the peak-response _ 
ratio between cases with and without an absorber (a measure of damper : 
effectiveness) has large statistical dispersion over populations of historical 
Rntees. sory as a consequence, the effect of adding an absorber cannot be 
expressed simply through a deterministic response-reduction coefficient. _ As —_— 


of the calculations with historical records, sensitivity analyses were performed _ 


to assess the importance of various earthquake, system, and absorber characteris-_ 

‘The second objective was added in the course of the study, when it became 


clear that empirical peak-response ratios do not comply with predictions from 
conventional steady- -State random vibration models ©. Specifically, the latter” 


In search for improved analytical models, consideration is given here to the 
effects of correlation and pseudo-stationarity of the input as well as to the 
effect of damper-induced broadening of the system transfer function, 


Based on these studies, a probabilistic model is formulated for the effect 


; 3 of tuned mass dampers on the probability distribution of elastic response- -spectrum 


a Preliminary results are also obtained o1 on the effectiveness of connecting vibration | 


absorbers to simple inelastic systems. 


% _ Present findings are generally contrary to common a belief and such to ree. 
E.astic Systems: Sraristicat ANALYSes with Historic pes 
In this study, the response quantity of interest is always taken to be peak 
displacement of the be 4 floor relative to the ae This displacement is — 


reference to the idealization o 


in which M, Ga and K, K, = ime mass, detaind and lateral stiffness matrices; 


Me ‘the column vector with n unit components; and U = the column vector a 
of horizontal floor displacements relative to the ground. With the assumption 
that the structure responds only in its fundamental mode, the vector U can 


in which y= the modal displacement; and = the vector that defines the 
of the fundamental mode. if is normalized such that 


d 
| 
is considered in the analysis. It is also assumed that addition of the mass =e 
not significantly affect the original modal shape. 
Equations of Motion.—With Fig. (a), the 
motion of a linear elactic estes. freedom an 
| 


ay 


Substituting Eq. 2 into Eq. 1 and premultiplying both sides of the latter « equation 
by &” leads to the scalar equation in y 0} odd 
Finally, denoting by and P ‘the natural damping ratio: and 


/ 
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TUNED MASS 
- 1 —Building with and without Tuned Mass pis Po 
- ‘pévidection: factor of the fundamental mode, the equation of motion of the : 
flo floor relative to the base simplifies to 
When a tuned mass damper is s added | (Fig. the equation n of motion 


This is identical to Eq. | 


sts 
| 
TUNED MASS 
1CX+KX 
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of external forces applied to athe floors [x, k, are of 
the vibration absorber relative to the top floor, the : associated : spring constant, 
and the associated damping; see Fig. 

_ With the assumption that the tuned mass damper does not modify the _ 

* - fundamental mode shape, one can still write U = oy, with y, = u,. Then, 
_ Operations similar to those that precede Eq. 4 lead to the following et 


‘in which m = mass of the damper; the in 


— will be “referred to as the generalized mass ratio. In ‘the same equation, w, 
and €, are the natural frequency and damping ratio of the vibration absorber. “7 
Zi the numerical integration of Eqs. 4 and 6, the second-order finite- “difference 
procedure known as ‘‘constant velocity method”’ (2) has been used. This method 
conditionally stable and has shown to give very results 


bene J > 


| 


| DOF SYSTEM b)- 2 DOF § SYSTEM 


“provided that t of integration is at teat 1/5-1/10 of the 


6 is that the peak- response - ratio, lly ee is not sensitive to > the “yd 
of the fundamental mode; i.e., so long as the generalized mass ratio, Q, 
unchanged, different values of the participation factor, P, have little pie 


ee, ee (See Ref. 12 for numerical results and for an approximate 
analytical proof of this statement.) 

x Values of P between 1.0 and 1.5 are usual for buildings with prevalent shear yj 
behavior, whereas higher values are found if bending prevails. In the remainder y d 
of this study P is taken to be one; in this case Eqs. 4 and 6 are identical — 

to the equations of motion of the 1-DOF and 2-DOF systems shown in Fig. 

2. One may therefore gain insight into the selene effect of tuned mass dampers 

a studying the modes of vibration of the 2-DOF system in Fig. 2(b) (clearly, 


if normal modes exist; i.e., » for E,w, = = €,w,). If w, and w, are widely ‘separated 


TUNED MASS DAMPERS 


TABLE 1 Historical Earthquakes eed | in Analysis 


motion 
duration, 

ovr} 


Northwest | S44W | 53 | 0. 4. 
California | | | 4.2 
Kern County  SOOE 0.047 | 16. 00 
Kern County | soow | 119 | | 
| Eureka 24 
Eureka | N44E_ 0.159 
os N4ow |: 0.201» 
‘SanJose N3IW | 10 | 0.102— 
0.108 | 
| 4 | 
cisco 
San Fran- ‘ 0.040 
0.024 
Hollister | (0.065 
| Borrego SOOW | 07 | 0.476 | 6.375 
AQI9-2 | Mountain | SOW | | | | 0491) 9.291 
| Borrego SOOW | 12.90 | 0.466] 8.685 
Mountain | N90E_ | 375 9.836 
Long Beach _NO8E 12. 627 
Southen | SOOE | 38 | 0.033 | 3.53 | 0. te 
California (0.027 | 6. 18.149 
1] Lower = | NOOE | 13.30 | 0. 23.158 
B024-2 | California | 10.19 | 0. 23.388 
| Istn.w. | S4sw 0.144 | 1.74 | 0. 25.012 
BO26-2 | ‘California. | 0.089 4.64 «| 26.751 
'BO27-1 | 2ndn.w. | S45W | 0.062 | 434 | 0. 21.058 
BO27-2 | California | | 0.039 | 0. 21.226 
0.065 3.64 20.129 
S69E 0.068 | 4.12 | 0. 26.076 
| 0.053 60 | 0. 21.228 
Santas NASE 
Barbara | S45E_ 
_Northern N45W 


number € =| second 
& 
| 
q 


TABLE 1 


23.321 


Ferndale | 32 0.105 4 10.552 


(if max {w,,0,) /min eo, > 2), then « one of the ‘two modes has a natural 
“ frequency very close to w, and strongly dominates the response; in this case 
the response of the structure is not significantly ye by the presence of 
the mass damper. On| the contrary, when w, /w, = 1, the frequencies of the 7 
two modes, and w,,, are both very close to 4 On and the 
modes give comparable contribution to the response. The (small) difference 
between w, and w,, reduces the probability of coincidence of modal peaks; this 
is the main mechanism through which vibration absorbers tend to reduce seismic 


Parametric Analysis on Effectiveness of Tuned Mass Desgees— —The role played 

7 ' structural parameters and by several earthquake characteristics in determining 7 

_ the effectiveness of tuned mass dampers is investigated by subjecting different _ 
systems to the set of historical earthquakes listed in Table | (15). These records, — 
which were obtained at western United States sites, were selected so that they — 
would provide wide variability in earthquake ¢ characteristics. | 
al The main results concerning structural p parameters are re displayed i in Figs. ‘927, 


: Specifically, Fig. 3 shows how the mean and standard deviation of y, ,.., /Y ma 
™ depend on the frequency ratio, w,/w,, when all other structural parameters — 

. are fixed to the values in the figure. Two important conclusions can be drawn. 
First, maximum mean-value reduction in peak response is obtained when the a 
_ frequency ratio is about 1; this is s consistent with predictions from s simple random 
vibration analysis (6). Second, results from individual earthquakes have relatively . ¢ 
large dispersion about the mean response ratio, especially for frequency ratios 
around | (coefficient of variation of about 0.2). This is an important consideration - 4 
‘if the safety of buildings with and without dampers is to be compared on a 

- probabilistic basis. For some motions there was no reduction in response. 

=* In a similar format, Figs. 4-7 show sensitivity results with respect to , the 
generalized mass ratio, Q , damping of the building, €,, damping of the vibration 
absorber, €,, and fundamental period of the building, 7, = All ‘these 


he have been obtained using the first 20 records of Table], = 


€, from 0. 03-0. 08) sensitivity to these two | parameters is 5 quite small. The an 
of €, on response ratios, whicn is shown in Fig. 6, is also small. Since aa 
is a parameter which greatly affects the motion of the mass damper itself, — 
its value should be decided on grounds other than reduction of seismic response = a 
of the main structure. For example, increasing E, from 0.05-0. 10 produces, i 
the average, 30% decrease both in the maximum relative displacement 
and i in the maximum absolute acceleration of the mass damper which may be 
important design considerations. Finally Fig. 7 suggests that tuned-mass dampers: 
tend to be more effective in buildings with shorter natural period. 8 __ 
all cases the of the peak- “response fatio was found 
to be negative. 


— 
0300-2 
| 
= | | 
| 


et From the results of a limited study on the effect of. earthquake characteristics, _ 
_ it seems that the distribution of peak-response ratio does not depend on epicentral 
distance and central frequency; however, the data is not sufficient to definitely 4 


exclude e any trend. . The same data suggests: some dependence of Ys max 


_ mec on + 


i F REQUENCY RATIO, w 


10.06 meant sid. dev. 


0005 O01 0.015 


002, 
= 
FIG. 4. —Sensitivity of Peak Response Ratio to Generalized Mass Ratio = 
on strong- -motion duration. Empirical evidence and some theoretical res results on 


wien? 
~ 


the effects of this last et, will beg given in the next section. 

___ Alternative analytical methods to study the effect of tuned mass dampers > 

are those based on the theory | of random vibration. * The conceptual appeal al 

_ this analytical approach is ‘somewhat ‘counterbalanced in the present case by | 

fact that useful theoretical results are available only under rather idealized 

- conditions of input and response. The objective of this section is to use . | 


et 
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FIG. 6. —Sensitivity o of Peak Response Ratio to Semeing of Tuned ieee Damper 
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we 


| empirical findings. In th model that adequately 
‘the course of this search i quately 
| 
i 
unimport§ Building 
 Inall 


Ar Therefore, the input process has variance o* = §5 G(w)dw and if one " 
denotes by H, (w) the transfer function of the from ground acceleration 


and o,= | G(o)|H, hiss ts 
Py. the problem at hand, ‘the transfer functions with and without davies, 
y,(@) and H,(w) respectively, are from Eqs. 4 and with P 


order + +(1 + Q)w? + + 46, £500, 
For stationary white noise base gooteeaties [G(w) = G,, w = 0] the variances 


of the steady-state response, o and found from Eqs. 8 and 9. ‘Again 


‘from Ref. 6 


| 


+8 


Fig. 8 shows the stationary r.m.s. response ratio (for z zero-mean an input), 


a obtained from the last equation as a function of w,/w,. If one compares this “ 


g sa process of ground acceleration is characterized at the level of second-moments | 
te 
| 


result with the mean peak- se ratio using historical eart is. 
3), then one concludes that the present random vibration analysis underestimates _ 
the expected value of y, .,. /¥ max- It is recalled that several assumptions were 
= in the course of the analysis: (1) Namely, that the input is white and 
stationary; (2) that the output is stationary; and (3) thato, /o, = E OF sc! Voie 
‘The approximate validity of these assumptions is investigated Bente ll 


FIG. 8.—R. M. si Response Ratio as atin of Frequency Ratio; Stationary White 7 
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Transfer Functions with and without Damper 
which is frequently used in modeling ground acceleration i is that proposed by 


Kanai and Tajimi (11). It has the general 


anni 


| 
a 
q 
qi) 


with parameters €,, w,, , and G, bre ae boa 
associated stationary I.m.s. responses, o, and o,, are obtained 
- numerically integrating Eq. 8 with G(w), H »(o), and H, "(w) in Eqs. ll and 
9. Calculations with different combinations of w ,andé, show that the Kanai- -Tajimi 
model produces values of o, /o, that are very similar to those from white 
noise input, if w, is not too close to w,. Important differences are found only 
for very small €, ‘and same conclusions can be drawn by examining 
_ plots of |H, (w)|?, |H, ()|’, and G(w) such as those in Fig. 9 and by noticing — 
that due to the sharp peaks | of | H,(w)|* and (w)|’, o, and are mainly 
_ influenced by the ordinates tes of G(w) at the location of these peaks. (For further 
By fitting a function of the type in Eq. II to the Squared Fourier amplitude f 
of historical accelerograms (3), one obtains the values of w, and €, in the last 
f two columns of Table 1. . These values show that « , is usually greater than 


the fundamental frequency of tall buildings (for which w, is less than about 
rad/sec) and that €, is typically greater than 0.2. 
_ One may therefore conclude that nonwhiteness of the input is not the main 
for departure: of the analytical ults from | the empirical mean peak-response 
_ Pseudo-Stationarity of Ground Acceleration.—One of the assumptions in in the 
derivation of Eq. 10 is that the response has reached steady state in ope 
of the fact that for many earthquakes the duration of strong motion is very 
- Short. In order to correct for this assumption one may model the input motion | 
as a finite portion of stationary white noise (whiteness has already been discarded © 
asa a cause of One such process is usually said to be 
‘The transient variance of tas response to 10 pseudo-stationary | white noise can 
be conveniently calculated by state-space methods (an alternative approach which 
uses the notion of evolutionary spectral density can be found in Ref. 10). For 
the case | without damper | the result i is well known (19) and is given by ia - 
‘ E,W, Wp SiN 


in which w,, = ©, i is the damped frequency; t does not 
exceed the duration of the ground motion, aid) 
Fora system with two degrees of freedom (Eq. 6 with P = 1), modal responses, ; 
a,(t) and a,,(¢), and participation factors, andT u» the response, yi), is 
Therefore o,,(t)=Tie, + cov (t), ay (4) 


The variance terms, and are obtained from Eq. with appropriate 


| 


1476 


cov [a,(t), a,,(¢)] = —— Lod 


“(d sin dt ~ a cos dt) 


* 


Ale. 
Plot A Ain Fig. 10 gives the ratio, (t)/9, (t), as a function of dimensionless 
duration (equivalent number of response cycles) the set of 


bet 


on 


DIMENSIONLESS STRONG MOTION DURATION, 


of FIG. 10.—Transient R.M.S.: (a) Median Response Ratio; (b) Peak- bia Ratios 


for Historic Earthquakes of — 1. Results from Historic Earthquakes are for 7, 


might be this rat ratio be a good approximation 
— tO EY, max /Ymax) if t is set equal to the duration of strong motion. prea 

this is not. so: ratios of the latter type are shown in Fig. 10 as dots. They 
° correspond to earthquakes it in Table 1 and | to \Gusetinn values according to the 


improvement from transient plot A still lies below any reasonable 


estimate of E [y, max (t)/¥max(t)] from historic data. An additional correction 
is made in the next subsection by considering bandwidth of the response process. — 
_ An interesting feature of plot A is that for earthquakes with short strong-motion 
duration (with respect to the first ‘natural period of the building), the transient 
ratio is significantly larger and is a better estimator of E [y, 


than the stationary r.m.s. ‘Tatio. Fig. 10 also shows that for flexible 


modal parameters: wy), whereas th the covariance term ‘is 


I 
| 
| 
| 
| 

new 

wi 

i 


- buildings, one , should expect little if « any benefit from the addition of a vibration | 


Bandwith of Response Process. .—Use of the ratio (t) as an | estimator 
of E [Ys max /Y max} for earthquakes with strong- -motion duration, t, may be viewed 
to rest upon two assumptions: (1) That E [ Y max] and E [y, ,..] are proportional — 


max 


the associated r.m. S. responses at time, t, the 


Be, response bandwidth and that typically this quantity is increased by the addition 
of a vibration absorber. (E.g., consider white noise input for which the spectral f 


‘the transfer function and compare |H,(w)|’ and |H, @)|* in Fig. 9.) A 


wide-banded process displays less time correlation and, for the same variance, 
a larger expected peak value than a a narrow- banded | process. This | may | be an 
mechanism that increases the mean _peak- -response  fatio, 

E max /¥max}> With respect to the r.m.s. ratio, (t)/o,(t). 
_ Under the assumption that high-level crossings occur according toa Poisson — 
Vanmarcke (17) derived an approximate expression for the (1—p)- fractile 
of the maximum response to. a pseudo-' stationary input motion of duration, te 
If y,. denotes this fractile, then the approximate expression is = 


Veg = (2 In {2N [1 — exp (- 


2, (t) 


is to mber of cycles of respons motion, the quantity 


7 _ density function of the response is Proportional to the squared amplitude of 
= 


is. an 


d parameters of the evolutionary response time, These last 
2 two parameters are defined in terms: of the time- dependent ‘Spectral a 7 


L Ao (t) 


As the time- transfer function, H, (w,¢), 


in Eq. 20 can be obtained by replacing €, in H,(w) (Eq. 9) with a fictitious 
= dependent ds damping, €,,, defined (17) 


g 
ig 


The s same procedure can be followed to obtain Yip ,, with 0, (¢) and 8,, (t) rs 
that correspond to the evolutionary transfer function 


B in Fig. 10 corresponds to the median response ratio, 5 WE: (values 
- for short durations, t are omitted because Eq. 17 is not accurate in this case). 7 
Peak-response ratios from historical earthquakes in the nearly stationary (right) “ 


p: — of the figure have a mean value which is only slightly higher than 


Improvement of the median ratio over the r.m. s. ratio (plot A) is particularly — 
noticeable for small €, and "Nie whereas if these damping parameters are large, 
then both and y , (t) are wide- banded processes and ~ 


sca that = E [y J/E max] « —Accuracy of the 


Imax 


- approximation in the title of this subsection depends on the joint ey 


distribution Of Ys mar and and not on the first two moments of the 


Results of time history analysis with historical "earthquakes to 
a one peak acceleration support a joint lognormal distribution assumption 
for ANd With this assumption, it can be shown that 


i” 


_ inwhich V, = the coefficient of variation of the seated tala y; and notation — 
is simplified by deleting subscript ‘‘max. 4 
" ann estimates of the second factor in the right-hand side of Eq. 25 
from historic data are e very close to 1, mpetion that the approximation E 


——— is net a source of significant error. error. 


Summary Considerations. results can be as follows. 
4 Steady-state random vibration analysis with stationary white or correlated input 

gives r.m.s. ratios that are much smaller than empirical mean peak-response 

Tatios. Improvements can be obtained: (1) For ground r motions \ with short t duration 
4 by replacing the stationary r.m.s. ratio with the transient r.m.s. ratio, g,,(t)/o, — 
_ (t); and (2) for lightly damped systems, by accounting for the increase in response 7 
bandwidth due to the addition of the absorber and by replacing o, i@)/9, (t) 7 


with the median peak-response ratio, 


There are other characteristics of the ensemble of ground acceleration time 
; es that might be -Tesponsible for inaccuracies of the random-vibration _ 


approach; in particular, nonstationarity and time-dependency of frequency content | 
of the input motion. For analytical approximations that make use of Eq. 


q 
q a 


another sour of err error is as implicit that tthe Tesponse process 
Prosasiuity DistRIBuTION OF SPECTRAL ORDINATES FOR OSCILLATORS WITH VIBRATION jig & 

“4% ‘simple probabilistic model is developed, which combines the probability | 
distribution of spectral ordinates for unmodified oscillators with results in previous 
~ sections to give the probability distribution of peak response for ‘oscillators > 
with an added damper. This last distribution can be used in connection with | 
conventional seismic risk procedures to obtain the probability that the response = : 
of structures modified by vibration absorbers will exceed a given value in a 
If one assumes that and y,,,, have bivariate lognormal distribu- 
tion, then also y, = "Vmax has with parameters (12) 


in which V, = the coefficient of variation of x; “max” has 
Estimates of Via ED) El) from historic data for several combina: 


tions of structural I parameters indicate that V? + 1 = 


(r has. relatively small dispersion and y r are weakly correlated). 
Wi 


th these re lacements, E 26 sim 


11 shows of Vmax for the earthquake records of 


Table 1 normalized to 0.1 g peak acceleration, ‘and for the structural parameters — 
in Fig. 10. | Superposed to the histogram. of ‘Fig. MG), are lognormal density 
functions with moments from Eq. 27. In constructing the - solid curve, E[ y) 
_ and E[r] were set equal to the empirical estimates in Fig. 11(a); whereas 
a the dashed curve corresponds to E [y] in Fig. 11(a), and E [r] estimated from i 
_ the median response ratio (plot B in Fig. 10) with a nominal strong-motion 
7 _ duration of 10 sec. In both cases the density functions provide reasonable fits _ 
_ The previous analysis gives the distribution of peak re response for an oscillator 
_ with vibration absorber and for given peak ground acceleration. This last quantity, 7 
referred either to a single earthquake or to an interval of time, is highly uncertain 
in practice, with probability distribution that is the usual — * seismic — 
isk analysis programe (e.g., Ref. 5). 


fi 
7 
| 


One should be careful in combiring probabilistically peak ground 
_and peak structural Tesponse to no normalized input motions; the operation is simple 
: if peak acceleration ref ers to one ‘earthquake, but may be complicated if reference 


~ — structural responses to odifferent earthquakes (scaled to the same intensity) 


| 
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Lognormal: moments in Eq. 27, 
from analytical model 
ogna 


in 


L oqnermet: moments ; 


Eq 27,€ from data 


— > 2D0F PEAK RESPONSE, “cm 
BUILDING WITH TUNED MASS DAMPER. 
b FIG. 11.—Observed and Predicted Distribution of Peak Response for Building v with 
Tuned Mass Damper: 7, = 1s, €, = €, = 0.02, Peak Ground Acceleration 0.1 a wa 


bg are independent o1 or not. It suffices here to mention this problem, which i is much 4 


too vast to receive fair treatment within the present paper, = = 


Suismic Errectiveness oF Visration Assorneens in Simpce INELASTIC Systems att 


% Assessing the influence of inelastic structural behavior on the control action 7 
of tuned mass dampers is a difficult problem due to the great variety of possible 
oe models. With this limitation in mind, a preliminary analysis was 
: undertaken using elastic-perfectly plastic oscillators and linear elastic dampers. — 
lt was felt that extension to more sophisticated models would be justified if J 


an added damper. This was not t the case. at, ee 


| 
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ductility, 1 “With y Yer the yielding displacement of the main 
system and D, the plastic displacement ca caused by the ith th yielding event, n 


+1 


29 Moucos,” Samy Sypert No 16, Saver of 


In the present study, two quantities are used to measure the effectiveness 

of tuned mass dampers: the ratio between cumulative yielding ductility in the 

2DOF and in the 1IDOF system, aT /n, and the ratio between the associated 

ductility ratios, p»,/p. From the ‘definition of ductility ratio, it is clear that 

= /p is the same as peak response ratio. bona) to oF 
of the 1DOF system are: mass M, frequency of small-amplitude 

_ response w,, damping ratio €,, and yielding displacement y ,, ; 3 whereas the mass 

damper is is identified as before | by the three parameters, Mm, &>, 2» and For 


sionless damper | parameters (frequency ratio, mass s ratio, m/M, and 
damping, €,) was investigated by using the set of historical earthquakes in 
_ Table 1, normalized to a common peak acceleration. The study, which is 
documented in detail in Ref. 12, showed that the ratios n,/n andy,/p have | 
a dependence on the aforementioned parameters similar to that of peak response 
‘ratio in elastic systems. There is, however, a “quantitative difference; while 
some reduction is noticed in cumulative yielding ductility due to the vibration 
aa the reduction in ductility ratio is insignificant. Mean values of ai/n 
are typically between 0.85 and 0.95 and those of »,/p are typically between — 
0.95 and 1.05. The tentative conclusion is therefore drawn that the small seismic — 


_ effectiveness of tuned mass dampers in elastic Systems becomes even smaller 


Assuming that elastic systems only in their feodamental 
mode and that the fundamental mode shape does not change due to the addition _ 
c. a damper, the equation of motion of a building with and without a tuned 


mass damper can be reduced to that of a 2DOF and a 1DOF system, respectively. 


7 


Small changes in the shape of the fundamental mode have negligible effect 

: on the ratio r between the peak relative displacements of the top floor with | 
_ and without damper, a quantity which is used to measure damper effectiveness. . 

7 od _ Sensitivity studies with respect to structural parameters hi have shown that: =i ; 


ote [r] is minimum when the natural frequency of the damper is about 
equal to fundamental frequency of the structure. by, ie 
Increasing modal or period of the main structure decreases the 
«3. The effectiveness of tuned mass s dampers increases with increasing g general- ; 


ized mass ratio (see definition following Eq.6), 


An | increase in the damping of the vibration absorber slightly increases” 


| 


the mean response ratio and at the same time e decreases cqnciteathlis the motion 

_ of the damper. To the extent that the latter phenomenon is ‘important, higher — 
damping values should be used. bao 
| 

Time history analysis using a catalog 5 of historical earthquakes re revealed 


_ 1. The mean peak-response ratio is higher than predicted by random vibration br 
‘theory on the basis of stationary r.m.s. response to stationary white noise ground _ 
Empirical response ratios are widely scattered, i.e., there is much uncertainty 
as to the effectiveness of tuned mass dampers for individual earthquakes. Ny 


ben 
Compared with correlated acceleration having a spectral density 


“function of the Kanai-Tajimi type, the assumption of white noise input is not 


2. Pseudo-stationarity of the input increases significantly the r.m.s. 
ratio for earthquakes that are too short for the system t to reach steady state. 
3. For systems with small damping, improved (higher) estimates of the mean 
“peak response ratio are obtained by considering the broadening of the response 


Replacing E[y, max] /E([¥max] with E ma 2 .] does not introduce 
ae 


max 


significant ins inaccuracy in the analytical models. 


simple model is to effect ct of vibration absorbers 
into the probability distribution of response spectrum ordinates, given peak 
"ground acceleration. The model uses the knowledge of the same probability — 

_ distribution for unmodified oscillators, coupled with results from random src 
Generally speaking, “tuned “mass” dampers seem to be less effective than 
~ previously thought, especially on account of the large statistical variability of 
the peak-response ratio (typical mean values in the range 0.85-0.95 and standard 


deviations ashighas0.15). 


From a pilot study of elastic-perfectly plastic oscillators, it was concluded — °. 
that seismic effectiveness of vibration absorbers is even smaller in the case 


| All these considerations refer to cases when the response quantity of interest 
7 is contributed primarily by the first mode. Additional study is needed to find 
“the effect of tuned mass dampers on higher modes and hence on response 
4 quantities such as interstory displacements and local deformations. pai oA & 
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symbols are used in this paper: 
au(t) = modal displacements of 2DOF system; 
damping of vibration absorber; 
ef Y oF G(w) = one-sided spectral density function of base accelera- 
‘= constant spectral density (white n noise input only); 
lateral stiffness matrix of main system; 
m = mass of vibration absorber; 
of degrees « of freedom fc for main 
P = participation factor in the fundamental mode; a 
generalized mass ratio; definition following 6; 
T, fundamental period of main system; 


ee. displacement v vector t fort main n system; — 


displacement of top floor with and without 
a - p)fractile « of peak system response with and 


i without damper, , for earthquakes of duration, ie z 


shape parameters ¢ of f spectral « density fun "function; 


= damping ratio of tuned mass 
ea fbn = damping ratio for the modes of 2DOF system 


= parameters of Kanai-Tajimi spectral density function; 


= response variances, with and without damper; 


fundamental mode shape of main system; 
= damped and undamped natural frequencies of 


= natural frequency of mass damper; and 
natural frequencies of 2DOF system. 
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ELASTIC DyNaMIcs OF THREE- DIMENSIONAL 


Antony G. Gillies’ and Robin F. ASCE ASCE 


for buildings to dissipate significant amounts of energy 
= inelastically under severe earthquake excitation is widely recognized. Current 
_ Seismic resistant design involves the prediction of inelastic effects leading to 
a distribution of beam capacity moments into "columns differing from the 
‘distribution derived from elastic analyses. Also, to determine axial column loads, 
the designer must assess the extent of hinging occurring in adjacent stories’ 


_ the object of improving the modeling techniques currently in general | use, .- 
has been to > enable prediction of the ti time- 


columns by a series of yield surface options selected according to the principal 7 

_ structural actions of the component elements. For a typical beam element, i 
yield s status may ' be a function of the principal bending moment only, whereas" 
fora an ‘exterior column account can be taken of biaxial bending coupled with | 
axial load. In this paper the principles of the analysis procedure are presented 
: 7 and, to demonstrate the implementation of the program, the response of a six-story 

_ reinforced concrete ductile frame building is investigated. The results demonstrate 
— the response based on an equivalent planar frame assumption is modified — 


significantly account is taken of concurrent earthquake effects. 


; at Considerable effort has been expended on inelastic analysis of frame structures 
to earthquake t base motions. computer have been 
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a 
pplication is not restricted to a rectangular grid layout, but a completely general 
; structure geometry can be modeled. Yielding is allowed for in both beams and ; 


| three- -dimensional programs are available, but some are restricted to examination — 
a of linear elastic behavior, 2 and all necessarily exhibit some limitation of structure 
g geometry, material representation, computer capacity or efficiency. These — 
7 Beck prompted the development of a new program (1) to compute the re- a 
_ sponse time history of a three-dimensional frame by direct integration of the © 
equations of motion with allowances incorporated for inelastic member behavior. 
7 The new coding incorporates efficient algorithms and core storage with a = 1 
_ user-oriented emphasis, particularly in regard to handling input and output data. 
modular construction facilitates both updating the analysis sections and 
extending the finite element library. It is believed that the new program is 
‘more versatile than other nonlinear ones while eT more convenient to use. 


load vector is on the earthquake ground acceleration 
record. Once the dynamic load vector is established, the node displacement _ 
are found using the tangent stiffness properties which 

_ structure stiffness state at the beginning of the current loading increment. _ 
If no change in element yield status occurs throughout the structure aang 

a particular increment, the predicted displacements correspond to the. correct - 


displacement increments consistent with the stiffness and loading assumptions. % 
When some changes in element yield status are observed, the statement of — 
dynamic equilibrium requires additional consideration. _ nite 
_ The equations of motion are derived in the ee cement representation by 
"considering the statement of equilibrium at time, ¢. The dynamic equilibrium — 


F, (1) + + + Fe (t) - R(t ) av (1) 


- which F 1) = inertia force vector; F,,(t) = damping force vector (viscous 

damping); F,(t) = vector of internal member actions; and R(t). = vector of 

_ externally applied loading. Nonlinear effects are introduced in the analysis from 
z the realization that the elements of the m mass, damping and stiffness matrices — 
_ may be dependent on the current displacements of a structure and on its previous — 

_ loading history. Nonlinear effects in the element stiffness matrices may be due 

to either large displacement effects or to material yielding behavior or to a 

combination of both. In the problem considered in this study, nonlinear stiffness 
effects | are restricted to those related to material yielding. The formulation is — 

_ equally capable of handling both effects without further complication. yng 

In nonlinear problems the structure response is most conveniently derived 


by a consideration of dynamic equilibrium at two stations, at time, ¢, and at 
_# + At. Writing Eq. | at these two instances yields: 
Mie 

Re + At) + + +F,(t+ At)= =R(t+At). 
‘The ore of motion may be rewritten in incremental form by considering — 


| 
7 
| 
input of the problem definition data and solves for the node displacements 
| 
| 
| 
| 
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POST- 


(+ 4k, (t) + AF, Om 
which AF AF, w= = F(t + An + At) — F,(t); AF, 
F,(t + At) — F,(t); and ARG) = Rit + - R(t) = RU + At) - 
&F taal F,(t) - F,.(t). The member force contribution is given by the term - 
AF e(t). If no chéign in element yield status is observed during the increment 
_ then dynamic equilibrium is preserved. Where the status of some elements changes 
- during the increment, the increment in member forces is given by AF a 


on of he f 


where AF, (t) = vector of internal member based on the element stiffness" 


e _ properties at the start of the increment; AF, a = vector of internal member 
_ actions takingi into account the change in element yield status during the increment; : 
= a vector of fictitious forces which are necessary to restore the 


AR(t) = AF,(t) + AF, (t) + AF, (t) wi 


‘unbalances over a series of time ‘steps a number of corrective procedures a are 

_ possible. One option is to introduce an iterative cycle into the analysis such 
that, at the end of each time step, the unbalanced forces are redistributed 
throughout the structure. With the high demand on computer resources, the 7 
introduction of additional iterative cycles into each increment is not considered 7 
warranted. Therefore a second option, which is to apply a a corrective load during 7 
the subsequent time interval, is implemented in the new program. Thus, s, although c 
the equilibrium unbalance is allowed to remain over part of a time step, the - 
out-of-phase corrective loads restore the force balance. In the computer codes my 
developed in this study, the vector of unbalanced forces is determined in a— = 
subroutine and is added to the load vector for the subsequent interval. a bealey 


7 Damping is taken to be stiffness proportional and is split into two components, 
one proportional to the initial elastic stiffness properties, and the second a 
_ function of the current tangent stiffness. During intervals of extensive yielding, 
tangent stiffness related damping forces may be low and the solution stability 
control afforded by structural damping can be negligible. A level of initial stiffness _ 
proportional damping ensures that a minimum level of damping is Lome 


— changes in element yield status modify the s structure tangent | stiffness 


mo 


matrix, unbalanced forces are generated in the stiffness proportional es 
model. The equilibrium damping is given 
= [aM+B,K o+B,K 
4 which M = the structure mass matrix; K +." the current tangent stiffness 
matin K, = the original elastic stiffness matrix; and a, B, and B, = constants 


- to be determined. At the beginning of the next increment the damping pears 


= = [aM +P Bo Ky + B, x* . 


pe 
x 
| 
| 


which =K, + AK; AK ‘= change in tl the ‘tangent stiffness 

“computed ‘at the end of the f preceding time step. To restore the e equilibrium 
_ balance, an additional out-of-plane corrective load, AF,,,, is applied in the 


AF us, = 8, B, [AK] GO) : : 
. The cmineiens a and B are defined in Eqs. 10 and 11 by specifying a proportion 
- critical damping in any two modes. The two modes are selected such that = 
the level of damping is controlled over the frequency spectrum of interest = . 


€ = ‘proportion of critical damping in ay mode Th 


- stiffness proportional damping factor B is subdivided into two components a 

| In le absence of any eaten substantiated value of the modulus of elasticity, 

_E, its value is derived from the relationship based on cylinder tests and normal | 


plastic and bilinear hysteresis loops do not include directly the 
to flexural cracking, the E/ values for members subjected to > significant deforma- . 
tion are selected to be representative of cracked 
The mathematical model which forms the basis of the structural member _ 
_ elements provided for in the program is a three-dimensional one (1) based on 
an extension of the Giberson (2) one-component model. The inelastic actions | 
are confined to the ends of the element. In order to represent the joint core 
zones at the ends of the member, rigid end blocks may be specified. Plastic — 
hinges are assumed to form at the beam face of the rigid block. Curvature — 
of the equivalent plastic hinge is derived from an application of small displacement _ 
concepts. The element yield status is defined by the specification of a set of 
yield forces. In addition, if a finite post-elastic stiffness is desired in the model, 
- a stiffness ratio which relates the post-yield stiffness to the initial elastic stiffness | 
- _is supplied. The model parameters are completed by the derivation ofan equivalent 
hinge from which the hinge curvature is obtained. A of 


surface appropriate to a member i ina frame may be selected 
to the member ferces which interact significantly on the yield surface. Particular 
applications are demonstrated in the section. 


7 
j 


_ The two by one bay, six-story reinforced concrete building frame analyzed © 
is shown in Fig. 1. The seismic resistance design level is based on a current 
loadings code (3) and the member properties assumed in the analysis are 


of area equal to three quarters of the gross uncracked value and assuming 
the width of the slab effective as a T-beam flange to be one eighth of the 
. > _ span length of the beam. The yield surface parameters selected are summarized. — 
In recognition of the orthogonal frame geometry, the yield moment level of 
; _ p ch beam elements is defined by bending in the plane of the two-dimensional 
= rames and consequently the simplest of the family of available yield surfaces 


_ may be used. The design of the structure reflects the capacity design philosophy, © 
where in this instance the beam hinges form the energy-dissipating mechanism. — 


overstrength capacit 


=> 


to ensure the desired strength hierarchy is achieved which will ensure beam > 
hinging in preference to column hinging, = j= 
_ Analyses of plane frame structures indicate that for structures proportioned — 
in accordance with the capacity approach some plastic hinging is frequently 
- unavoidable at the base of the ground floor columns. Since the possibility of _ 
hinge formation in this zone cannot be discounted a yield surface is assigned — 
to each of the ground floor columns. When concurrent earthquake loading is 
applied, the columns are subjected to significant flexural deformation about | 
both principal axes of the section. The axial load level in the columns is influenced — 
‘ by the instantaneous overturning moment resisted at ground level and this, 
= in turn, is a function of the earthquake induced inertial loading on the structure. id 


The yield surface chosen to model the complex interaction of orthogonal bending 
; = combined with a time varying axial load is shown in Fig.2, 


aa ‘summarized in Table 1. The effective section stiffness properties, representative 
of a cracked section, were calculated assuming an equivalent second moment = 
factor is applied in the design of the column elements ff 
_ Alumped mass model is used to represent the mass properties of the structure. — - 
— 
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Two distributions are vy in the analyses, both having the same total mass 


‘at each floor level. The first is representative of a balanced structure, with 
the center of mass and the center of elastic stiffness coincident. The second = . 
distribution, given in Fig. 3, corresponds to a 10% static eccentricity between — 

| the center of mass and the center of stiffness at each level. The eccentricity 

applied i in 1 both x and Y global coordinate directions. of ue 


modal coordinate is “specified for two. periods: with the distribution throughout 
the frequency spectrum then given by the relationship in Eqs. 10 and 11. The . 
required parameters are established by assigning 10% of critical damping at -_ 


Section 


erimeter'interior | perimeter| interi G-3 


0.1050 1015 | 0.1015 0. 
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= block (m) 
F.E.S. (kN) 
-E.M. (kN-m ts 
The dynamic | properties of the elastic models are— given by” the eigenvalue =, 
problem solution for the balanced and eccentric mass distribution assumptions. 
The properties for the first three modes in each instance are —— 
schematically in Fig. 4. In the balanced case, the modes correspond to two 
distinct lateral displacement modes and a torsional mode. For the eccentric — 
model a strong degree of coupling in the displacement components is observed. _ 
It is possible to classify the three modes as predominantly displacement or 
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horizontal ground recorded in the El Canine, 
May 18, 1940 earthquake provide the source of the input earthquake loading — : 
for all the comparisons undertaken in this study. In the elastic case, the structure’s — 
response is determined for the first 5 sec of the earthquake time history. In 1 
the inelastic studies limitations are imposed because of computer a a a 
_ restrictions. To remain within the bounds of the scheduled computer allocation, . 
the analyses” are confined to approx. 4,000 sec of process time. In the case 
of a yielding structure subjected to concurrent earthquake duration, this corre-_ 
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Re. 2 —Summary of Yield Surface Parameters for Six-Story — 


i sponds to approx 3.2 sec of earthquake duration. From a consideration of the 
— response time history it is observed that a relatively small displacement — 
response is induced in the structure during the first second of the earthquake. S 
In order that the structure is subjected to a significant duration of potential 
nonlinear response analysis time the earthquake ground motion for the first 
second of the time history is skipped in the nonlinear studies. Five additional — 
_ linear increments are introduced at the start of the assumed record to avoid 
a sudden impulse loading on the structure because of the displac d 


| 
| 
| 
Las 4 A/6 + Ale | Als | | 
_ 
| Line (A) kane (1) 
| 0.410 | 208.0] 2080] 1990] 1900) 
| 0.410] 0.410 | 190.0] 190.0 | 208.0 | 208.0) 
0.410] 0.410 | 208.0] 2080 | 208.0 | 208.0 | 
0.375] 0.375] 160.0] 131.0] 115.0] 137.0 
Ass 0.375] 0.375| 115.0] 137.0] 160.0] 131.0 
A/7 0.375| 0.375] 115.0| 115.0] 115.0] 115.0 - 


_ in Fig. 5 demonstrates the significant difference in the peak displacement ss nail 


= 


peak acceleration in the 00 component is 3,420 mm/s? at 
2.13 sec and, in the S 90 W component, 1,790 mm/s’ at |. 1.91 sec. A comparison 
a the X and Y directions displacement response time histories — given 


components of the structure for fully elastic element behavior, = 
Summary of Response Characteristics Based on Uniform Eccentric Mass 
Distributions. —In Figure 6 the Y direction displacement time history of the Hey 
top floor (Level 6) of the building is plotted for the two cases representing 
- the balanced and the eccentric mass distributions. The inclusion of 10% static 
eccentricity induces a torsional deformation in the response prediction in both art 


the elastic and the nonlinear phases, with the torsional contribution becoming a 
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FIG. 3—Summary of Floor Nodal Representing Six-Story Stru 


more dominant in the post- thats sector. Before the structure is dea 
_ Significant post-elastic deformation, it is possible to relate the response charac- es 
teristics of the two models. If a torsional deformation is superimposed on the 
lateral displacements derived from the balanced mode, the displacements of a 


_ the perimeter frames in the eccentric model can be resolved. Following the a 


onset of yield, the eccentricity between the center of mass and the instantaneous 


center of stiffness at each level is no longer constant—the instantaneous torque — a 


may be increased or decreased depending on mn the distribution of the yielding 


balanced building serves as a useful peodiction “ the average response charac- — 


. In the initial elastic section of the response, the elastic displacement of the | dy 
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b) Eccentric Building 10% Static Eccentricity between Centre of 
FIG. 4.—Comparison of Modal Properties of Balanced and Eccentric Structures 


The results of the limited analyses undertaken in this study are sufficient 
_ to demonstrate the significant contribution to the overall structure response 

_ which can be attributed to torsional vibration modes. Traditionally the nonlinear 
response of three-dimensional frame structures has been estimated on the basis" 
af planar frame idealizations. It is now apparent that the response derived on 
the basis of this planar assumption should be interpreted, in many instances, 


{ 


as a qualitative indication of the hierarchy of the yield strengths of the individual — 


prediction of the time-history displacement response of the structure is possible. — 


‘The comparison between the balanced and eccentric structural models is 
h a scale factor of 1.0 applied q ' 


7 stics of the eccentric model. In the post-yield section the torsional contribution 4 
- a is the result of a complex interaction between the center of mass and the | 
= instantaneous center of stiffness. It is no longer possible to predict the displace- _ 
; _ ment profile on the basis of a projection of the displacement time history produced _ 
a from an elastic three-dimensional analysis. In a similar manner, the post-elastic "4 
 g a response derived from a simplified two-dimensional planar frame idealization 
s does not model the torsional imbalance observed in the response of three-dimen- 
‘sional structures. A significant torsional deformation can be identified in the ; a 
response of the initially balance structure [Fig. 6(a)], as a consequence of 
the asymmetric distribution of yield. jg 
(a) Ba 
_ cs members only. A full three-dimensional analysis is necessary before an accurate © ' 
| | 
q 
| 


to At thisi vw of short sequences 
only of post-elastic deformation are observed in the response—particularly in _ 
the Y global coordinate direction. In particular, the ground floor columns are = 
_ Subjected to little nonlinear deformation. Subsequent studies of the balanced « 

__ building model indicate that the torsional response originating from a nonsym-— 
‘metric distribution of yield is sensitive to the formation of plastic hinges in the 
ground floor columns. The response of both models should be oe 
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‘further with an increased level of to establish 


_ level of torsional amplification in the nonlinear displacement time history. pre 


i Summary of Response of Balanced Mass Model.—The time-history displacement — 


summary of the symmetric building subjected to 150% El Centro 1940 unidirec- 


_ tional earthquake loading is shown in Fig. 7. The nonlinear response | exhibits 


the characteristics which have been observed in previous studies on a planar > ro 


frame idealization. The effective modal period shows a lengthening when — 


; = with the elastic response of the system (see Fig. 5). Following ¢ the 


| 
}. 5.—Displacement Time-History Comparisons for Elastic Response tS 
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onset of yield the structure vibrates about a displaced equilibrium position. . 


= relative location of this instantaneous oqliiciem position is —- 


the location of the instantaneous equilibrium position is less obvious although 
a bias can be detected first i in the Positive Y coordinate direction, and, laterally, ? 


families pattern where | a band of plastic hinging migrates up the s structure. . During 
instances of strong ground motion the band can ontend the full height of the | 
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When the simultaneous occurrence of an orthogonal earthquake € component 

is taken into account the displacement time history is significantly modified. 

In Fig. 8 the X and Y coordinate displacement time histories for Level 6 of — 
a __ the building are summarized for concurrent earthquake loading. A typical pictorial — 
| = representation of the structure’s yield configuration at selected intervals is shown 
d in Fig. 9. From study of similar figures it was noted that during the early 
cycles of yield the pattern of hinging is similar to that observed in the unidirectional 

earthquake analyses. A band of hinges migrates up the structure in both orthogonal — 
directions. 1 The ‘distribution of of yield is is generally symmetric ai at each level in 


4 
directi nis ide in ne dire i onse hi In he dire ion 
‘ 
fa) Centre of Mass(C.M)and Centre of Stiffness (C.S) Coincident ‘ 
‘ 
i 


the structure indicating a a lateral displacement nt dominated response, ia Pool 


torsional induced effects. An asymmetric yield pattern occurs for brief instances, — 
however its duration is insufficient for a torsional response to develop. This: caw 
_ response pattern is recognizable also in the displacement time history in Fig. 

" 8. Concurrent loading effects in the early stages « of the analysis precipitate 
the onset of yield and generally extend the duration of yield sequences er tue q 
ww on Earthquake EL Centro, 18 1940 meatier 
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_ As the duration of earthquake loading progresses, the concurrent earthquake © 
response diverges from the single component response prediction. When the 
loading approaches its peak intensity, the yield distribution becomes less uniform 7 
because of the interaction of the orthogonal displacement components in defining 
i the locus of the yield point on the assumed d yield surface, and a torsional vibration © 
‘The torsional | is enhanced by the occurrence > of hinges” in some of 


0 ant in the instanta- 
we 


: neous center of stiffness at this level which i is accompanied by an an applied torque _ 
4 about the instantaneous center of stiffness. A study of Fig. 8 demonstrates 

how the torsional mode becomes more dominant as the analysis progresses. — 

The duration of earthquake loading « considered is insufficient to indicate whether = 

torque asymptotes to a peak it 

out by the lateral displacement response. 


Earthquake EL Centro, May 18,1940 : ae 
Analysis Type Elasto- Plastic 


Component X-DTN-SOOE #15 


~ DISPLACEMENT 


4 


- 
FIG. 8. _—Top- Time History for Loading 


Fig. 10 typical deformed profiles of the in the X and Y 
are plotted for the two cases of unidirectional and concurrent earthquake loading. © 
‘The development of the torsional response is again clearly evident. The formation © 
of plastic hinges in the ground floor columns is seen to increase the displacements 

in the lower levels but has a less influence further up the structure. Also, 


in the lower levels the structure displacements saa the Ries reversals 
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more complex distribution of element yield. ony 
_ From a comparison of the unidirectional and concurrent earthquake loading — 
ina time histories it is apparent that the nonlinear response predicted by 
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a full ‘three- dimensional analysis is “significantly different from the response 


on a planar frame The planar frame model is not able 
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Summary 
In both the and ‘concurrent cases, bands 

_ of plastic hinges are found to migrate up and down the structure and the effective — a 
modal period elongates, in comparison with the initial elastic period, during © 
cycles of yield. _ Although a pattern was evident in the distribution of beam 
‘plastic hinging, the migrating bands | as observed in planar models were not 

- recorded with similar regularity in the three- dimensional structure. This may 
_ be attributed to the markedly different element yield response time history which 
occur when allowance is made for an interactive yield surface, in which concurrent 


loading effects are represented. 


"stiffness was introduced it was found possible to relate the response of the © 
eccentric model to that of the balanced case during the initial loading i 
but after a number of cycles of nonlinear deformation, the complex interaction - 
between the center of mass and the instantaneous center of stiffness in the 

— eccentric model rendered it impossible to estimate the time-history displacement _ 
of this model on the basis of a projection of a response of the balanced 


‘Oellien cate implicitly recognize that a nd symmetric building can 
develop a torsional vibration mode in its response to moderate earthquake 
_ which can be attributed to an asymmetric distribution of the yielding elements. — 
of the justifications for the 10% static eccentricity requirement is to 
2 compensate for this behavior pattern. Although only a limited series of analyses 
* have been undertaken in the study reported herein, they did result in this torsional = 
= mode being identified. Concurrent earthquake loading causes an 
asymmetric distribution of yield as a result of the interaction of the orthogonal 
- displacement components and this gives rise to an eccentricity between the 
- mass and the instantaneous center of stiffness at some levels in the building. 


This eccentricity produces an additional applied torque in the dynamic loading 
_ about the center of stiffness. The degree to which the torsional mode participates - 
in the response is evidently related to the duration of the cycles of yield. As” 
the earthquake loading approaches its peak wneaeity the torsional deformation 
was observed to become increasingly dominant. = 
‘The availability of a technique to enable time- -history responses of three-dimen- 
sional structures to concurrent earthquake ground motions to be | undertaken 
has enabled confirmation to be made of predictions of structural natal 
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following. are in this paper: 
COLLAPSE. OF PLati: Gi 
E = = modulus s of elasticity; sop 
damping force vector (viscous damping); 
F,.(t) vector of internal member actions; 
of internal member actions taking into account chan 


element yield status Curing increment; 


yt by section torsion constant; oltsre plete girders 


vector of externally applied of enw oo 


a = scaling parameter for ‘mass Proportional contribution in viscous 


B = scaling parameter rfor stiffness proportional contribution ia viscous" 


tangent stiffness proportional damping scale factor; PF 
initial stiffness proportional damping scale factor; 


damping ratio for 
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UNDER EpGE LOADING 


In web panels of slender plate girders are often subjected to distributed 
4 edge loading and combined bending, as shown i in Fig. 1. Such a situation occurs 

in plate girders which support crane rails | or railway tracks directly on top 

of the compression flange, and in bridge construction where plate girders support 


> : or relatively thin concrete deck slabs and localized wheel loading distributed 


through the deck slabs; 


4 In (1967, Bossert and Ostapenko (1) carr carried out a series of tests on slender 
plate. girders subjected to edge loading uniformly distributed between vertical 
i. web stiffeners and combined bending. _ They also presented solutions for the 
elastic critical loads of web panels with various boundary conditions and showed 
that experimental collapse loads may be several times greater than elastic critical 
Recently, Roberts and Rockey (5) presented a a a mechanism solution for the 
collapse of slender plate girders subjected to partial edge loading for which 
_ collapse loads are as high as 15 times the elastic critical load of web panels, 
assuming the edges to be simply supported (2,4,5). The mechanism solution 
gives satisfactory agreement with a large number of test results from various 
= similar solution is presented in this paper for situations in which the a 
loading i is uniformly distributed between vertical web stiffeners, since the mode 
of failure observed by Bossert and Ostapenko was similar to the mode of failure 
_ Of girders subjected to partial edge loading. The results of the analysis are 


compared with the test results of Bossert and Ostapenko. 2 ——te 
"Ties, Dept. of Civ. Engrg., University College, Newport Road, Cardiff, CF2 ITA, F 
 ?Grad. Student, Dept. of Civ. Ener. | College, Newport Road, Cardiff, 
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The mode of failure in Fig. 2 is for a ana -span girder with a relatively = 
strong flange, and the idealization of the mode of failure is shown in Fig. an : 
3B is assumed that plastic hinges form in the flange, two adjacent to and ; 
one mid-way between the vertical web stiffeners, and that yield lines form © 


in the web. the web plate is a and B= 
: 


FIG. 4 —Details of Loading s and Girder Dimensions 


dy 


tp 


¥ 


in which’ b = the width o of the web panel defines the positions of the yield 
lines in the web and plastic hinges in the flange; and the angle 6 defines the 
deformation of the web just prior to collapse. The variables M My» and 
fy= the plastic moments and yield stresses of the web and flange, ‘Tespectively ys 
a at the collapse load the central plastic hinge in the flange is assumed to 
move vertically Cownweods through a small distance, by, the rotation, 546, of 


| 
— 
— 
ta 


cos 6 this value along the central yield line). This scan be deduced 


‘if Equating the work done by the load, P., the 


small vertical of the the flange, to ) the internal dissipation of of plastic 


Pe 


for bo and 80 i in Eq. 3 bv gives 


AD estimate e of ‘the deflection of the flange just prior ‘to collapse can be 


= using elastic theory. If it is assumed that the moment in the flange varies 


= TOO, Plastic hin 


g “FIG. —Assumed Failure 
_ linearly from +M, at one hinge to —M, at the adjacent hinge, both hinges 
forming simultaneously, then the relative. deflection is given by M, B’/6EI, 
in which E = Young’s modulus; and I, = the second moment “of area of 


“the ‘flange about its centroidal axis. This deflection must be compatible with 
the deflection of the web below the central plastic hinge given by 2a(1 —_ 


sin 6 = 1 — 


‘The uniformly distributed edge loading produces compressive membrane _ 
stresses, f,,, in the web, which reduce the plastic moment of Tesistance of 
the web (3) to M, [1 - fre)” 1. is assumed uniform, f,, can 


| _—s the plastic hinges in the flange is 5v/B (twice this value for the central plastic _ 
| 
sin 9). Thus, equating these two values and rearranging g1VeS 
term on the right-hand side of Eq. 1. Thus Soe wt 


We 


_ and introducing the reduced moment of resistance of the web ‘into Eq. 4 aon 


« es 


/ If a is chosen empirically, Bes: Ss ond 7 lead to a value for the collapse load. 


_A suitable choice for a, which gives satisfactory predictions for for a acini — 
_ of tests on girders subjected to partial edge loading (2) is 


Fests 


girders with a ‘slenderness ratio, d/t,, = 50, Eq. 8 predicts that the. botiom 
line in the web just touches the bottom m flange. However, for stocky 


FG. 6. of Girders Tested by B Bossert and ot 
it is possible that failure will be initiated by direct yielding of the web. ‘The 
solution for this latter case can be obtained by considering the failure mechanism 
shown in Fig. 4. Equating the work done by the applied load to the ‘internal — 


The collages load is taken as the lesser of the values given by Eqs. 7 and 9. 
For girders subjected to partial edge loading (5), an allowance can be made 


7 
| 
iL 


for coexistent bending st stresses, by reducing the collapse lend bya 
ul — (f,/f,»)’]'”’. It is recommended therefore, that the value of P, given 
by Eqs. 7 and 9 be reduced by the same factor, bas 


on 


“Load applied through wooden beam. 
Note: | in, = 25.4 mm; | kip = 1,000 Ib = 4,460.N; 1 ksi=6.91N/mm= 


ne 


Lew 


Load ar applied 


daw to 4 
EG 1:3 3 21 22 23 24 “3132 


"Test No 


very 
FIG. 6. ¢ of Predicted and 


num-| in | in in in | square | square | square 
ber |inchesjinches| inches] inches] inches | inch | inch | inch | kips | kips| P, 
28 0.1205] 8 | 0.625 | 43.4 | 33.7 | 120 | 49.6 | 37.3] 
—BG1.2| 28 | 36 | 0.1205] 8 | 0.625 | 43.4 33.7 32.8 | 28.0 | 26.4] 1.06 
—_ EG1.3} 28 | 36 | 0.1205] 8 | 0.625 | 43.4 | 33.7 | 265 | 365 | 30.7] 1.19 
EG1.4) 28 | 36 | 0.1205] 8 | 0.625 | 43.4 | 33.7 | 13.5 | 41.0 | 366] 1.12 _ 
—EG2.1] 43 | 36 | 0.1124) 8 | 0.625 | 43.4 36.4 | 25.6 30.0 | 28.3 | 1.06 
EG2.2) 43 | 36 | 0.1124) 8 | 0.625 | 43.4 36.4 | 26.0 | 57.0 | 28.2] 2.02*. 
os EG2.3} 43 | 36 | 0.1124) 8 | 0.625 | 43.4 36.4 12.0 | 46.0 | 33.6] 1.37 
EG2.4] 43 | 36 | 0.1124] 8 0.625 | 43.4 36.4 10.1 43.5 | 33.7] 1.29 : 
57 | 36 | 0.1216 0.625 | 43.4 34.1 12.3 45.0 | 31.2] 144 
EG3.2 57 a 36 | 0.1216} 8 | 0.625 43.4 34.1 17.5 38.0 30.1 1.26 5 > 
= 
expt 
- « 
: | 
q hal 


 Bossert and Ostapenko carried out a series of tests on on three s slender, loag-epen 
girders, with vertical web stiffeners, similar to the girder shown in Fig. 5. The 
girders were loaded by a uniformly distributed edge load over one panel a at 
a time and by additional loads acting through vertical web stiffeners to var . 
_ the magnitude of the coexistent bending stress in the loaded panel. Dimension a 
n 


properties, and experimental failure loads, P = , of the tested panels at are tes 


‘in Table 1 together with the collapse load, P,, given by Eq. 7, modified t 
allow for the maximum coexistent bending stress. Also given in Table 1 are 
- the ratios P.,,./P,. The high value of P.,,,/P, for test EG 2.2 is due to the 


= that the distributed edge load was applied apo a wooden beam which 7 


“ratios at 


and 1.6. Experience with a similar solution for web panels to. 
partial edge loading indicates that the analysis will prove satisfactory for a 
wide range of slenderness ratios and aspect ratios of two or less. Further 
experimental verification is required for web with aspect ratios 
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4 The following symbols are us used in this paper é serous ss 
b= width of web. panel; 


bending stress; 
compressive membrane stre ss in web; — 
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PLATE GIRDER COLLAPSE 


yield stress of web; 
Young’ s modulus taken as 30, 000 ksi; 
‘= second moment of area of flange about centroidal axis ; = = b, t tp] 12 
= moment resistance of flange = fy b, 7/4 for for rectangular 
M = plastic : moment resistance per er unit length of wed = / 4: 
= €Xperimental collapse 
= predicted collapse load; sin of 
a 


2 of | loaded flange; 
rotation at yield lines in web; Design 
Wy = rotation of plastic hinges in flange; and an 


= angle defining deformation of just collapse. for 
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By James R. Goodman,’ M. ASCE, Zsolt Kovacs,’ and Jozsef Bodig’ 

the of valoty proseat cuttest code, The wo lose 

The objective of this paper is to an for the 

q design of wood structures and to use it as the basis for a comparison of existing ie 

code requirements in the United States and several countries in Europe. The | 

methodology selected, Load and Resistance Factor Design (LRFD) (1,2,6,8,9, 15, 

~ 18,23), is currently being applied at various levels of sophistication in the design 

of steel and concrete structures (11,12,16,25,26,27,30,36). Proposals for using» 

i LRFD methodology have been made by many wood researchers (10,29,31,33). i 
= possibility of combining this methodology with reliability analysis offers — 

much promise in developing a rational and unified basis for structural design — 

_ Load and resistance factor design criteria can be expressed in in many formats. 
4 For simplicity and to provide at least partial consistency with previous develop- | 
ments, the format chosen is given general equation 


(R,)= 7,7. ( ¥ 


| which = ‘the “resistance” factor; R = the “nominal mean member 


vo (3 viilites tea tenolte no bownd ad 


aed 
resistance’ "for a chosen limit state (n); 7,* member (or structure) ‘ ‘importance”’ ? 
factor; y, = “‘uncertainty”’ factor to account for overall uncertainties including 
those of analysis and others suck as effects of load combinations; — load 
factor for load type C 2, = = generalized mean n member force, i ie., -» bending 
& load to member force); and j = = number of load combinations. 
By adjusting the resistance of the structural member (LHS of Eq. 1) or the 
factored load (RHS of Eq. 1), or both, various levels of structural safety can 
achieved. The assignment of and the various factors i is most properly 
accomplished using some level of probability- -based_ (2,6,8,9, 10,31,33). 
‘The purpose of this paper, however, is to demonstrate the implied safety levels — 
Prof. of Civ. Engrg., Colorado State Univ., Fort Collins, Colo. 80523. 
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in current which are on allowable stress or limit states” 
design concepts. Through reorganization of current code provisions intoa common 
LRFD format, comparisons between codes can be obtained. This procedure 
will, perhaps for the first time, demonstrate the current safety levels now in - 
use in various countries. This study will, it is hoped, provide a basis for continued 


development of design methodology using reliability-based analysis for assigning 


The study of design methodology has — active in recent years 
: with the advent of the work by Cornell (6) and the subsequent efforts by many ate 


others (1,2,8,9,10,15,18,23). The extensive effort by Galambos, et al. (11,12,36) 
in the United States related to design of steel structures has had far- “reaching 


7 gach as duration of load (creep rupture) (3, 4, 20,35) and large variability (10). _ ; 
In particular, the work of Barrett and Foschi on duration of load and probability — _ 

_ of failure (3,4) and that of Gerhards (13) are of special importance to the enendas 

_ of the LRFD design methodology. The load and resistance factors in future © 


_ codes must be based on rational analysis of the probability of failure « or other 
limit criteria. Foschi’s recent paper (10) cites problems which may exist with — 
_ the use of a “safety index’’ procedure for wood structures using probability-based 


= of the LRFD design methodology as developed. Other papers ’ 


describing recent additional efforts in this area include Vanderbilt, et al. (33) 
involving application of probability-based design to wood electrical transmission 
_ Structures using LRFD methodology and m4 efforts of Sexsmith and and Fox (29) P 
in “‘limit states’’ design of wood structures. rar ey 
7 special interest are the practical applications of probability- based ee 
_ such as the development of the Ontario Highway Bridge Design Code reported © 
7 by Nowak and Lind (25). Practice in the United States is most likely to be 
based ona recent ‘Bureau of Standards publication authored by Ellingwood, 


et al. (8). These publications are of particular importance and point the + - 


towards the use of probability- based 
or LRFD For Woop Coiumn ann Beam Desicn 


_ Introduction.- —As described earlier, Eq. | has been c chosen as the basis for 

_ the design format. To relate current code provisions for design of wood members _ 
to the LRFD format requires some special considerations. In current codes” = 
various levels of safety are implied. To provide a uniform method of treating © 


each of the codes considered, a “reduction factor, defined 


| 
old 
and standards in Europe have used a form of ‘‘limit states” design for many 
_ For the design of wood structures, a series of papers mostly aimed at the coal 
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4 
j 
@ 


CODE COMPARISONS 1513 


appropriate values of. Yes and , is “developed to accommodate the LRFD 
format. Adaptation to the design of long columns, governed by the Euler column > » 
formula, and to simple flexural members, governed by bending, is presented. 
The design factors for Eq. | are derived for each case and for each of the 
; - several example codes. Finally, a table of these factors is provided to: compare 
the levels” of safety present in ‘current codes. The two cases, long. columns 
and beams, represent typical problems in the design of wood structures ind 
serve to illustrate the ee ease with which current codes can be converted 
Long Column Design.—The design of long-wood columns is generally based 
on the use of Euler’s formula with an appropriate For 
4 simple _ rend « columns with no initial eccentricity = 


> in which P. = . maximum load the column can sustain assuming won buckling; 
= E= modulus of elasticity; J = moment of inertia of the column about its 
axis; and /, = effective column length depending on the support conditions. 

Eg. 3 is often rewritten by use of the slenderness ratio, A, in which | = ie : 
gnibged boow weld of obam 916 2! a 


where r= radius of gyration Vv I/A; and A = cTOss- -sectional area of the column. 7 
31 


Expressing I as a function of r it into ‘Eq. 


fag 

P.= 


A-simple form may then be given for the format ( (Eq. 1) for rectangular 
long wood columns,ie.; 

in which P, = the nominal axial column loads; and E = mean modulus S 
elasticity of the wood species or species group. Eq. 7 is the basic pantie 


for long column design to be used in studying the various code provisions — 


and developing implications for the structural safety of Single-member wr 


columns as now prescribed. 4 SOV = 
; Flexural Member Design.— —The design of simple wood flexural members 
controlled by bending — is or based on the use of some limiting 


in which o, y,, and y, are | 
pre ae and Supsegquentiyv ihe Separation Of into ine 
| 


“value | oft bending strength as calculated 


3 in which fy = mean flexural resistance of the wood species or species group 
often ¢ called modulus of rupture (MOR); M = applied governing moment; and 
S = section modulus (bd’/6 for a rectangular beam of width = b and depth 

= d). The use of the LRFD format for this case simply involves multiplying q 


the monn flexural resistance, f,, by S to give the mean flexural resistance 


which M, = nominal applied bending moments. 

— Due) to the manner in which the mean flexural resistance of wood mee 
is currently being established, a more precise definition of /, is needed. It 
is also necessary to define the corrections and adjustments included in .# to 
ensure that the results from the various codes will, in fact, be evaluated on 
the same basis. In current United States practice, as given by ASTM D245 of 
(21), ASTM. D2555 (22), the Wood Handbook (32), and the National Design 
Specification (NDS 1977) (24), adjustments are made in clear we wood bending ” a 
Strength to obtain the member strength accounting for defects, moisture content, 
depth effect, duration of loading, etc. In particular, the duration of loading 
an is not uniformly considered for wood by the various codes. ae 


selected to be ge = mean short-term test value of modulus of rupture eine 

% for clear wood adjusted for moisture content, size, defects for grade used (such “ 
as knots and slope of grain), and specified service conditions if different from 
the standard assumed conditions It should be noted that /, can be obtained 
from actual ingrade test results for the grade of lumber, moisture content, etc. 

_ used rather than by use of small clear specimens given in ASTM D245 (21) 

ASTM D2555 (22) in the valees in NDS wn @4. 


4 ApPucATION OF 
ert 


Basis of Comparison.—The adaptation of methodology for the de design 
fas columns of wood results in Eq. 7. This equation is used as the basis ; 
for examining the various code provisions for 
For design of wood flexural members with adequate lateral bracing, the LRFD - 
_ methodology leads to Eq. 9. The ‘strength value used in this method is the 
‘mean flexural capacity (MOR) of clear wood with all necessary adjustments 
for moisture content, size, defects, and the particular service conditions. Duration | 
_ Of load effect, if specified by the code, is included within the load or uncertainty . 
— ©... woh 
i, dant be noted that the process of conversion of each code to a common 
format for comparison requires knowledge of of code 


| 
| 
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_ values. In some cases | thi information i is not available, “however, every: attempt — 7 


practices sp specified. Values in question are considered. The various problems 
; encountered in this study indicate the need for a more oper and clearly understood 
basis for establishing safe structural design rules. = = | 
@ United States.—The design of long wood columns of rectangular cross section — 
under the rules specified by the National Design Specification (NDS 1977), 


in which = axial compressive stress. Thus the load capecity, 
0.30EA 


=) 


30) 
In this case, R, is the of three A “‘safety (or 
_ uncertainty) factor,’ 5 of 1.66; (2) a shear correction factor to obtain Loud 
true modulus of elasticity of 1.03; and (3) the reciprocal of the appropriate 
factor of > to produce a limiting modulus elasticity, J as ‘defined in 
Appendix G of NDS 1977 (24). By cx considering that the modulus of elasticity 
used in Eq. 7 is the true modulus of elasticity, the adjustment factor of 1. 4 


can be omitted from R, which then results in @ = 0.589 after applying dl 
OE = 0. 589 


value of f Corresponds to the lower 5% limit of a 
iE distribution with a COV of 0.25. This result can be computed from statistical 


in in which the ¢ value i ral ‘i from statistical tables for a one-tail means ¥ 
:~ Another example can be obtained by considering the lower 5% exclusion _ 

limit for a large sample size (¢ = 1.645) combined with a COV = 0.4 — 4 
a ® value of 0.342. Additional example ¢ values for the lower 5% and 1% 

exclusion limits for various COV values are tabulated in Table fe Considering 


: 
“a 
q 


higher value of indicates either ra higher load carrying capacity 
at the same probability of failure or a less probable failure at the same mec a 
should be noted that one of the difficulties i ‘in comparing the various codes 
is a lack of consistency in defining live load. Live loads in most countries mcd 
are considered to be all the loads normally occurring , with the « occupancy of 
a structure except the weight of the structure which is dead load. eke 
for wood design in the United States (NDS 1977) live load excludes — 
To place the design of long columns by NDS 1977 into the LRFD format 
of Eq. 7 requires the separation of the reduction factor R, of 2. -74 into — 
of uncertainty factor, y,, and appropriate exclusion limit, b, as previously s 
outlined. The result of this modification considering, e.g., the combination = : 
TABLE 1.—Values of Factor for 1% and 5% Exclusion Limits (Normal 


a 

0. 


a 

“a "NDS 1977 machine stress-rated sawn lumber. ve 
1977 glued laminated timber. 


load (DL) load (LL): to be critical, ives aay bas 


3 589 (A, Poy + 1. 
4 


in which A (see Eq. 6); Be the: mean true modulus of elasticity 


> grade and species of lumber used (adjusted for condition of use); P Bs 
axial column dead load; and Pu = nominal axial column live load (as defined 7 
ae NDS 1977). The value of & is different for various leve els of COV such 

& e. g., 0.11 for machined graded lumber and 0.10 for glulam members (NDS ~ 


Table 2 presents comparative column design requirements specified by the 
_ various codes. The basis of comparison is the NDS 1977 based on a 5% exclusion 
~~ and a 0. .25 COV given for visually graded lumber. For design of oclemas, 


| 
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5 dcsttines in the NDS 1977, thus the load factors are identical and taken to 
_ be unity. The importance factor y, is not considered in NDS 1977 and is is therefore 
3 In addition to the o, y, and y, factors, values of y, for dead load re 
a 


and live load (y,, ) (NDS 1977), are also incorporated into Table 2. Further, — 
to provide for comparisons | of the various codes, the numerical values for product 

Yo You/o and y, respectively, are also tabulated. 7 
4% France. —The design of long wood columns in France is governed by the — 

> - specified by Regles | C. B. 71 (28). These rn rules consider a transformed é. 
= 2. —Tabulation and of Design for oft 


0.589 


(France, 1975) 
MSz 15025 / 1-72 
(Hungary, 1972) 
-VOB/StLB Hochbau 


(5% level COV 25%) 
(5% COV 


(ATV DIN18334) 
(West Germany, 


(5% level COV — 


0.589 
(5% level COV 25%) 


118-T (Denmark, 
1975) 


4 
DIF-Ref. No. NP 


= 
Note: E = Mean pure bending modulus of elasticity at 19% moisture content unless otherwise . 
noted. For Régles C. B. 71 (French 1975) — = dynamic modulus of elasticity at 15% moisture content. _ 


‘hae 
in which K = = 3, 100/?: . and F.= ‘= allowable compressive stress for short columns. 
On the other hand, the Euler buckling equation with the appropriate reduction — 


By Egs. 15 and 16, ‘the reduction factor of R, R ,is is 


According to the French code (28), the load teint assigned to dead and ~ 
live loads are yp, = 1.0 and Yu = 1.2, where the live load is considered 


| 
| 
1.00 | 1.11 | 1.10 
1.00 | 1.58 | 1.00] 1.00 | 1.58 de 
1.00] 1.51 | 1.00] 1.30 | 
| 
| 
a 
wey 


columns by Regles Cc. B.71 (28) into the format of Eq. 7 Tequires | the ‘Separation 
of resistance factor, o, from the wi uncertainty factor, Yoo assuming an exclusion 
level obtained as a result of the calculation of R, from Eq. 17. Since the 
value of R, depends on the in-service moisture ‘content of the wood, it has 
been calculated assuming 19% moisture content to be consistent with the 


> 
_ assumptions given in NDS 1977. The result of these calculations for common 


7 _ European conifers gives a value for R r= 2. .99. Since the desire is to — ; 
the true levels of safety of the various ootes assuming the same material property - 
_ Probability levels, a value of = 0.589 is assigned as in NDS 1977. Thus 
_ with the knowledge of R, and ¢ the value of the uncertainty factor, y,, is 
_ computed from Eq. 2 resulting in 1.76 again considering the importance factor _ 
to be The LRFD for the | French code is is, therefore 


The results given in Eq. 18 are tabulated in Table 2 for comparison with | the 


Hungary. —The Hungarian standards (MSz 15020-71 15021 /1- 71, 15025 /1- 
(14) for centrally loaded intermediate or long columns call for satisfying equality | 


in ‘which P’ = limiting load the column may support; F. = limiting stress in 
.- column compression for the wood used rhe hay value); and 7» = function 


of the column slenderness ratio, i.e.: 


A. 


te 


in which Lie = most combination of applied load; and Fr 


allowable compressive stress for long 


long columns, i.e. ., Eq. y in 


a 
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Substituting Eq. 20into Eq. 2resutsin 
i —_- Here, the reduction factor R, is a function of the slenderness ratio, modulus 


=" 


oo of elasticity and the limit stress in compression. Further, since both the value — 
“of F and E are assumed to change as moisture content varies (in the rl 
- code), R, is a function of this variable as well. Using A = 100, and a 
_ of common European conifers, _G, 17,19), ie., E = 9,440 N/mm? mean short 


column compression strength, S.= 75 N/mm? and y = 0.258 (19% moisture 


According to the Sangodian standard (14) the factors assigned to loads are 


You = Ad 1, and y,, = 1.3 (mean of the range 1.2- 1.4). To place the e design $ 
f = of long columns by MSz 15025 into the format of Eq. 7 requires, as described 


_ previously for the French code, a proper interpretation of R, calculated using ; 


Since the value of y, is dependent on the column slenderness ratio, \, , and : 

7 the in- service moisture content of the wood used, a slenderness ratio of 100 

4 is taken for c comparison at the 19% moisture content which is again identical 

to the value assigned for design by NDS 1977. The importance factor, - 

a is not considered in the Hungarian standard and is thus taken as unity. iatieoentenes 


these definitions, the LRFD format results i in 


‘These results 4 are Silat, in Table 2 for comparison with other code require- ; 


_ West Germany.—The West cites standard for the design of long columns 
(VOB/StLB Hochbau 9 ATV DIN18334, (1976) (34) is based on a factor, oo. - 
which accounts for the effect of column length and slenderness, much as . 
-_ previously described for French (28) and Hungarian (14) specifications. The 
w factor adjusts the long-, intermediate-, and short-column equations to provide © 
a smooth transition curve for all column lengths. In addition, w appears to 


contain a “‘safety factor’ * to re restrict the oo. of applied stress to that 

-The w factor is tabulated 1052) for values of 


the slendernes 

Ina manner similar to odie specifications, the or ganization of this athe io 
& 
_ of column design into the form of Eq. 7 requires the calculation of R, 


the Euler | for -column to requirement of Eq. 25 results 


al 


Obviously, the value of R, depends on the values of E and F’ selected, 
- but it can be shown that R, is a constant for long columns having the same z. 


in obtaining for | comparison with ‘other ‘codes: (1) E E' = 10, 000 N/mm? 

_ (European conifers—DIN 1052); and (2) F? = 10.0 N/mm? (European conifers— 

DIN design values moisture content are consistent 


with the NDS $1977 design values, since a stncien te conditions for use in 

> is only considered in extreme cases of exposure or initial moisture 
content of wood.) These values give a result for R, of 2.69 which may again — 
be interpreted as a product of an assumed alebenlen: limit times an uncertainty 
factor, Yo: ‘These considerations result in the design of long columas by DIN 


0.599 (A. E) = (1.0\(1. 58\(1. 0 Po. 1 ae 


in which the load factors of unity are those prescribed under the principle : 

_ of allowable stress design recognized by the West German standard. 

Denmark.—The Danish code for of wood structures ams the 

. in which F.. = design strength function of species moisture content; and load 


To obtain a a value of R, from t the Danish code requires selecting a given species, ; 


slenderness ratio, ond moisture content. In a manner similar to previous 


computations, values of A = 100 and moisture ‘content 19% are selected. For 


_ pine, and similar structural lumber, E = 9,000 N/mm’ and F. = 12. = 
N/mm? (17) represent typical values. Substitution of ‘these values 
produces K,=0. 276 < 0. 0.5. Thus s Eq. 28 


this to Euler equation the numerical 
values for the variables results in R, 2.575. 

_ The Danish code calls for You = 1.0 and Yu. = = 1.3 and does not specify 
-y, thus it is taken as unity. Further, by using Eq. 2 with 5% level and COV 
of 25%, y, “ete. the application of the LRFD format for the Danish 


ai 
os 589 9(A.£)< Pox +. P G2) 


Saag in each pre. previous case, the factors ui are tabulated in Table 2 for 
comparison to other code values. 


here will be limited to the -stress limitation as “given 


process of the allowable stress from the flexural of 


| 27) | 
_K,i,=K, for K,=1-—— 
q 
| 
| | 
| 
| 
| | 
| 


_ D2555 (22) as mentioned earlier. Thus, adjustments for moisture content, defects, _ 
size, etc. are included in the establishment of the flexural capacity. To place 
—allcode comparisons on a similar basis, adjustments | for for load duration, » ifi included, — 


Applying Eq. 9 to ‘the NDS 1977 of flexural 


and live load | to govern results in Sty 

0.589 (fF, /13(1.6My, +1.6My, (33) 

in , is not considered and is ed a val (of unity. The product 

TABLE 3. —Tabulation and ion and Comparison of Desi of Design Factors for Simple! Flexural Members — 


sini te ad) no boast al 


My + Yuu! May 


4 National Design Specification | 0.589 
(United States, 1977) (5% level hile 
Régles C. B. 71 (France, 0.589 
15025 /1-72 (Hungary, 0.589 
-VOB/StLB Hochbau 9 0.589 
Germany, 1976) COV 25%) 
_ DIF-Ref. No. NP 118-T ng | 1.0 
(Denmark, 1975) “bent Yo (5% 


te: /, = mean short-term test value of lumber flexural strength (MOR) adjusted : 
content and ‘size effects and including appropriate reduction for grade, etc. ; 


ood values; also My is based on approximately 2 months duration T 


the value of 1.3 for uncertainty, y,, and a of | 1.6 for ‘normal’ 10-yr 
7 duration of load results in the traditional value of 2.1 used to assign allowable 
_ Stresses (ASTM D245). The value of $ is again token to be 0.589 representing | i 
3 the lower 5% exclusion limit and0.25forCOV. 
| The results from Eq. 33 are presented in Table 3 for comparison with “The 


codes. The definition of f, is given once more in the notes for Table 3. The 


me —The design of simple flexural members by the rules of 1975 French — 


codes is based on an allowable stress concept coupled with the use of weighted 


. of the commonality of this definition cannot be overstressed - 


load f factors. one. Bending strength i is calculated assuming elastic behavior. _ ere 


comPanisons 
the members (MOR) is specified using the procedures of ASTM D245 (21) and _ 
= 
| = 
(8) 
2 
por 
0 
| 3] 1.69 | 1.69 
for 
from clear 


The allowable stress | is obtained from the flexural capacity of the members 
_ strength and requires further adjustments for moisture content, size, and paar ; > 
Adjustment for load duration, however, is only included in calculations of — 
deflections and thus will not be considered here as a part of the load factors — 
0. 589 (7,8) 1.0(1.620\1. +1 
in which | again 1 is determined from Table 1 for on limit 
of 5% and a COV of 0.25. The importance factor is again not considered in 
the French code and thus is assigned a value of unity. The results of Eq. 
34 are tabulated in Table 3 for comparison with other codes. pe tele 
“ay Hungary.—The design of simple flexural members by the rules of MSz 15025 — 
_ is based on the concept of applying limit states for either deflection or stress. 
In each case elastic behavior is assumed and for the stress limit state an equation 
; analogous to Eq. 8 is used. In this case, however, /, represents the limit stress — 
_ instead of the allowable stress and M represents the most unfavorable moment 
loading combination, including appropriate adjustment, factors. 


_ The process of obtaining the limiting stress from the flexural capacity | (MOR) — 
- of the clear wood members should be first understood to allow proper calculation — 
of the resistance factor and the load factors. These factors must be considered P i 
on the same basis as previously done for the NDS 1977. Therefore, this reduction - x 


process is considered in some detail. 


Pr. limiting stress is derived from the mean short-term test value of a number 


of samples. This value, ‘unless obtained from ingrade test results, is adjusted _ 
for grade and size and further reduced to an exclusion level to obtain a threshold 7 
value. _ This latter result is also divided by a “‘safety factor’’ of 1.7 (for the 
case of bending). Some essentia! details of the aforementioned process rad not 
adequately manifested in the ‘Hungarian standard and reference books, so 
_ assumptions must be made in this paper for the exclusion limit factor and and strength a 
ratio cavolved as well as the adjustment for duration of load. 
_ A reasonable level of exclusion limit is 5% with a COV of 0.25, however, 
Keldish (16) applies a 1% level with a COV of 0.15 for bending strength value 
resulting in a reduction fairly close to the former one and perhaps — 
a more realistic strength ratio. The previously mentioned ‘“‘safety factor’’ of — 


Ss 7 may constitute o or perhaps include adjustment for duration of load. An assumed 


the magnitude of the resulting ratios, 


For the Hungarian standard, the — of oe of 


0. 651 17,5) = (17 


in which @ is determined from Table | for an assumed exclusion limit -- 1% 
7 _and a COV of 0.15. The importance factor is again not considered in the standard 
and is thus assigned a value of unity. These results are Presented in in Table 
3 converted to @ = 0.589 for comparison with other standards. =~ 
West Germany.—The design of simple flexural members by the 1 rules of DIN — 


1052 is based on an allowable stress concept and ae stoeee is again calculated 


| 
| 
| 
4 
| 


The procedure | for the allowable stress from the flexural 
of the members (MOR) is not fully explained within DIN 1052. Apparently 
| factor of safety is applied to the mean short-term strength value. This value 
is 3. 2 (European spruce at 18% moisture content) with the assumption that 
the strength 1 ratio for the lumber grades is the same as has been used in the 
French code (28). Adjustment for load- duration effect which is not included _ 
in the calculation of stresses, may be included in the apparent safety factor 


of 3.2. Applying Eq. 9 on this basis mse 
0. 589 ( f',S) > (1.0)(1.88)(1.0 My, + I. OM, 


in which is wigiiiionsd ‘a aes 5% exclusion level for a COV of 0.25 as in 

several previously considered cases. The importance factor is not considered | 
in the code and is thus assigned a value of unity. Results of Eq. 36 are tabulated 
in Table 3 for comparison with other codes. 
Denmark.—The Danish code (7) calls for the application of partial load 
coefficients i in load [resistance inthe form 


in which f = stress in the structural saw calculated on the basis of ao 
imposed with ‘partial coefficients; = as. defined previously; 
characteristic strength; and R, as defined previously. Two values are given 
for ‘R,in the Danish code. “For sormal load combinations R, = 13 and for 
exceptional combinations Ry = 1. 18. However, for computations 
the value of R, is taken as unity. Exceptional load combinations are those > 
which have in addition to dead load, two or more loads acting at the same 
_ time and independent of each other. Thus for the case when only dead and 


live loads are considered, R, = 1.3 is used. For this case You = =. 3 and 


y Considering R ri in the Danish codes to include the same reduction for ‘material 


variability as the » NDS 1977 gives @ = 0.589. The load duration adjustment : 
is taken to be 1.67. The safety factor used f for lumber i is not specifically delineated : 
and is assumed ‘to be 1.3 as given for glulam in the same code. The value — 
of y, is again assumed to be unity. Thus, the Danish code for the design of — 


‘flexural can converted to the format of Eq. 9 using these definitives 


G8) 
result is Table 3 for. comparis 


The Presently used codes for the design of wood structures are based on 

- different a approaches and direct comparison of the reduction factors i is difficult. 

— On the other hand, the use of an LRFD format permits direct ‘comparisons — 
of the separated individual factors for material variability, load uncertainty, — 
true safety, and importance. In addition, conversion of the present codes into 
an LRFD format provides a relatively easy method for modifying these factors 
to the level of safety. wild 


— 
q 
| 
| 
4s: 
— 
| 
| 


—_— 
the load factors, y,, since each” code studied handles the loads and — 
combinations differently. For simplification, the « examples were taken for a 
- nominal dead-load and live-load combination as defined by NDS 1977. To further 
assist in the comparison, ratios of y,, y,, and y,, Yix were 
for both long columns and beam design, s—s—‘“—sS 
or 2 is a summary of the factors derived for long columns. By assuming 
the same resistance probability levels (lower 5% exclusion limit and COV of 
0. 25) the uncertainty factor, y,, can be compared. This value ranges from 1.11 
for thc Hungarian standard to 1.76 for the French code. However, the y, factor — 
should not be interpreted as the true anny factor since the load factors also | 
_ vary. Thus, values of the product y,, Yo: You and y,, Yo, Yup are required . 
# make proper comparisons. These products range from 1.22-1.76 for dead — 


load and 1.43-2.11 for live load. It is interesting to note that in the French, 
Hungarian, and Danish codes the live load is represented by a higher safety a 
factor than the dead load. These higher factors perhaps represent the recognition — ; 
(of the increased uncertainty in determining live load as opposed to dead load. “<a 
7 _ Table 3 provides a summary for design of beams. A comparison | of the values : 


“sa same » code ‘for ‘the true safety | factors for beams a as $ opposed to long , columns. 
In NDS 1977 a flexural member is designed with a higher level of safety than 
a column which may support such a beam. The same is true for the Hungarian 

_ and West German codes. The French code on the other hand results in a higher 
safety f factor for long columns than for beams, while the Danish code gives 

a higher safety factor for dead load for beams than for long columns. In the 
case of design for live load, the reverse is true. 
_ Some caution should be used in interpreting these results since the meaning 
of the products of y,, y,, aad y, needs to be considered carefully. The design 


ane chosen may be based on 1 different rationale in the various countries. This 


jo 
should be the concept and data presented here are 
introductory in nature. However, it is hoped this paper will provide a first 
_ step in placing the design of wood structures on a probabilistic basis. Importance — 
factors, will have to be selected for the various structures and occupancies. 
of the variabilities 


- of loads and their critical coutbinctions and when combined with the other 


factors result in a calibrated level of 
_ This paper is meant to serve as a catalyst to encourage additional research. | 
By properly evaluating the concepts on which existing codes are based, the — } 
rationale for further probabilistic development of codes for the design of wood — 


structures can be ™ of the LRFD format 


| 
} 


of choice in the derivation of p roba -based factors which will 


esult in pr¢ my fora particular structure. 
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The following symbols are used in this pap wee 


A = cross-sectional area of column; 


conversion factor from load to member 
column dimension, ‘boom 


mean modulus of elasticity; e- 
modulus of elasticity; 
allowable compressive stress for short columns; 
F’ = allowable axial compressive stress; ae 
mean flexural resistance (modulus of rupture); ¥ if 
moment of inertia of column about weak axis; 


| 
| 
| 
a 
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Subscripts 


- 
= COMPARISONS | fi 


effective column length; i= 
applied moment; 


ne 


nominal applied bending moment fori ith loading « combination; Rs. 
nominal axial column load for ith load combination; 
-member load for ith load combination; 
_* . mean member resistance for chosen limit state; 
_Tadius of gyration for column; 


= "importance factor; 
uncertainty factor; 


fantin of slenderness ratio for ™ 
_Slenderness Tatio for column; 
‘ratio ‘0 of circumference of circle to its diameter; — 


resistance factor; ad oat 


column design 


ibe live load; 
WL d load; he 
= limit 
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‘History 0 OF F STRUCTURAL L STABILITY 
ReseancHCounch 
Bruce Johnston, ' Hon. M. , ASCE Wir oi 
| Column Research Council , which, because of the expanded scope of 
“its coverage became the Structural Stability Research Council in 1976, has had 
a notable record of activity and achievement over the 40 yr since its initial 
- conception. It has annually provided a forum, now international in its representa-_ 
tion, that has brought together research workers i in the field of structural stability. 
The world literature in its field has been reviewed and evaluated. ahnnare 
_ projects have been initiated and guided. It has cooperated with specification — 
_ writing organizations in the application of results in practice. Its example has 
"inspired the formation of similar groups in Japan and Europe. sate eae 
Three successive editions of the council’s design guide have been published 
§ and a fourth is underway. Some noteworthy | contributions include ‘the recognition — 


and quantification of the residual stress effect on column stability, the definition 
_ and application of the strain-hardening modulus in steel, the application of the 
computer to the determination of maximum inelastic column strength, the — 
_ participation in the development of load and resistance factor design, and, rte 


its technical memoranda, it has established methods and criteria for tests of 


columns and metals in compression. 


‘The purpose of this paper is to record | the history < of the council from its 


‘The sequence of events that led to the formation of the Column Research 
‘Council was initiated in October of 1939 when Jonathan Jones, then Chief Engineer 
of the Fabricated Steel Construction Division of Bethlehem Steel Corporation, | 


in Columns of High- -Yield- Point Steels.’’ At that time the structural carbon — 
steel in common use (ASTM A7) had a minimum specified yield point of 33 _ 


"Prof. Emeritus of Struct. Engrg., Univ. of Michigan, Ann Arbor, Mich. 48109; and ~ 
5025 E. Calle Barril, Tucson, Ariz. 85718. 
— Note. —Discussion open until January 1, 1982. Toe extend | the closing date one month, 


ASCE. Manuscript was submitted for review for possible publication on November 20, 
1980. This paper is part of the Journal of the Structural Division, Proceedings of the ; 
American Society of Civil Engineers, ©ASCE, Vol. 107, No. ST8, August, 1981. ISSN | 


al 
7 . S submitted to the ASCE Structural Division a memorandum entitled ‘‘Unit Stresses _ 


a4 relation to their varying conditions of stress and shape.”’ 
Tests for this program were then n being carried out at the Fritz — 


The ASCE Committee reviewed Mr. Jones’s memorandum and re 


a five- -point program covering requirements for additional knowledge in the field 
of columns. At the suggestion of Mr. Jones, and with the approval of the an 
Structural Division Executive Committee, the scope of the Project was enlarged = 
to cover all phases of compression-member behavior, 
In 1941 the AISC and ASA, as well as various city building codes, were 
-- independently the preparation of column- -design formulas. Mr. Jo nes 
saw the need to give the ASCE program a broader base in order to avoid 
c the ‘ieee diversification. Accordingly, in December of 1941, Mr. Jones 


j bedi _ urged and do urge that it is a national _ necessity that as many — 


an 5 possible of the bodies who are interested in writing formulas for steel — 
columns get together in some kind of a central group and carry on the ™ 
research and analyze the results ina way that wi will | be ‘Satisfactory | to 


Action was gusset, by the war during 1942 and 1943 but F. H. Frankland, 


of AISC, had embraced Mr. Jones’s idea and in October of 1943, he wrote 


it is therefore suggested that a Column Research Council be ergpoment 
=a 


under Engineering Foundation. An organizing committee was formed, consisting 
of Shortridge Hardesty (Chairman), along with C. A. Ellis, F. H. Frankland, 
Ss. C. Hollister, , Jonathan Jones, and the writer, who was chairman of the ASCE 
_ The proposed plan for the Council was to have it made up of official 
representatives of specification writing bodies together with other organizations 
= related thereto. Accordingly, in late 1944 Dr. Hardesty sent out 
a invitation to prospective organizations, outlining the vty a of the proposed 


— but, in his later words, this was a . not because we want the 
_ Council to follow it,’ but just so the scope of their work as they 7 | 
_ it would be set forth. In fact . . . this (the Council) is intended to be of a 
wider range than the ASCE Committee had planned.”’ 


Higher strength structural silicon and “structural nickel steels had found 
_ limited use in long-span bridges, and some proprietary steels of higher strength 
; _ were used in certain special applications. It was rightly anticipated that higher — —— 
Strength steels would be used increasingly in both bridges and buildings. ad 
_ Mr. Jones’s memorandum was referred to the ASCE Committee on Design — J 
of Structural Members which had come into being in January of 1940. A program | 
q 
By early 1944 the Column Research Council concept had germinated and : 
4 
| 
— 


_ Responding to the 1944 invitation, seventeen organizations sent a total of 
32 representatives to the first meeting of the Council, held in the Board oon 
4 of the ASME in the Engineering Societies Building of New York City on September 
25 and 26 of 1945. In addition, H. E. Wessman was present as an observer 
for Engineering Foundation. A complete verbatim transcript (5) of this mecting 
is on file at the Council headquarters at Lehigh University. Those present | ; 
the organizations (a list of abbreviations appears as Appendix I, at the conclusion 
_ _ this paper) they represented were: (1) H. E. Wessman, Engineering Foundation; > 
, ay C. A. Ellis, S. C. Hollister, and B. G. Johnston, ASCE; (3) J. L. Beckel, — 
a R. N. Brodie, G. M. Magee, and E. J. Ruble, AAR; (4) L. H. Donnell, and — 
H. L. Whittemore, ASME; (5) O. . H. Ammann, S. Hardesty, H. C. Tammen, | ? 
and F. M. Masters, AICE; (6) F. H. Frankland, H. D. Hussey, and J. Jones, 
_ AISC; (7) R. Archibald, Public Roads Administration; (8) H. G. Schlitt, AASHO; 
(9) W. R. Osgood and H. L. Whittemore, National Bureau of Standards; (10) | 
H. Marcus, Bureau of Yards and Docks; (11) D. F. Windenburg and H.R. 
Thomas, Bureau of Ships; (12) R. L. Hankinson and E. A. Dubin, United 
States Coast Guard; (13) E. P. Trask, Society of Naval Architects and Marine — 
Engineers; (14) M. Male, AISI; (15) R. L. Templin and B. J. Fletcher, ALCOA; | 
(16) J. O. Jackson, - Steel Plate Fabricators Association; (17) J. S. Newell ~f 
a) _ E. Lundquist, Institute of the Aeronautical Sciences; and (18) T. I. Coe, J 
(Messrs. Hollister, Beckel, Hardesty, Masters, Frankland, Archibald, 
_ Whittemore, W findenburg, » Templin, , and Newell were members of the initial | 


‘The adopted of organization followed closely that | 
organizing committee. The Executive Committee, made up of nine elected 
members, would not be concerned with technical matters. The Chairman and — 
_ Vice-Chairman of the Council would also hold the same offices on the Executive © 
_ Committee on which they would be ex officio members. Every member of 
Council would be assigned, according to his to a “category: 


group 


The following category groups were proposed: 


Industrial buildings and and 


® 6. Derricks and | cranes. 
8. ‘Fixed and floating marine structures. 

a hiteiihtint to the Executive Committee it on a Technical Board that would 


2 
- 


| 
| 
— © be organized as committees but would proclaim the broad scope of the 
ft | 


‘ 
include representation of all c itace groups. tee the Technical Board there 
_ would be a Committee on Research and a Committee on Recommended Practice. 

oa Officers elected were: (1) Chairman: S. Hardesty; (2) Vice-Chairman: H. L. 

a _ Whittemore; (3) Chairman, Technical Board: S. C. Hollister; (4) Vice-Chairman, ‘i “d 
4 Technical Board: H. Hussey; (5) Chairman, Research Committee: B. G. Johnston; ‘Spe 
a and (6) Chairman, Committee on Recommended Practice: J. Jones. A committee — 
- on finance (S. C. Hollister, Chairman) and a committee to prepare bylaws (F. oe 

. *. Following its initial n meeting on September 26, 1945, the Committee on Research = 


Initial Eccentricities of Compression Elements. 45 

Local Buckling of Compression Elements. 
‘This organization provided a basis to the ASCE 
_ Structural Division that the Committee on Design of Structural Members >. 
Wi disbanded and its work taken over by the Column Research Council through ve, 

Jones had sown the led to the of the 
and Shortridge Hardesty went on to nurture its early growth as chairman for 

the first 12 yr of its existence. The efforts of these two were of — 

_ significance to the Council. When, due to ill health, Dr. Hardesty retired from 
chairmanship in 1955, he was made an Honorary he 


a few months later, the following resolution was passed: 


organization ond continued support of Research Council activities. 
mind not t only grasped the Practical problems of engineering 


who worked in Column Research Council oe his kindly spirit will remain | 


underlies research. His ‘influence was a personal ‘inspiration to 


with it for so lon as it may continue. 


"proved somewhat unwieldy, ‘and in 1951 the Technical Board and the “overall * 
Research were eliminated. New task-oriented research committees 


4 


technical and administrative functions of the Council. I In 1960 the aaeaies 
committee’’ was changed to “task group” with a further narrowing 
to more specific objectives. In 1961 the bylaws were changed to limit the term . 
SS office of the Chairman and Vice Chairman to 3 yr, with an extension of 
one year permitted if required. The immediate past- -chairman and vice- -chairman — 
id 


of the council were added to the executive committee as ex officio members. 
Since 1966, headquarters of the Council has been at the Fritz Engineering — 
_ Laboratory of Lehigh University where all records are on file. In 1970 Lynn © 
_ §. Beedle was appointed to be paid part-time director, an office that had been | 
guthorized by the bylaws much earlier. See Table a chronology the 
TABLE 1 —Chronolog of Princi yal Officers c of Council ails 


3) 


S. Hardesty 
Beedle 


. Hardesty 
. Hardesty 
. Hardesty a . Beedle 
Beedle 
Beedle 
Beedle | 


Administra- 


secretary 
= 


L. Whittemore 
L. Whittemore 
L. Whittemore 
Whittemore 
. Archibald 
. Archibald 
. Archibald 
Higgins 

. Higgins 


. Higgins : 
* 
Higgins 
Higgins 


Higgins 


Higgins» 
Higgins 
Higgins 
Beedle 
Beedle 
Beedle 
Beedle Re 
. Durkee 
Durkee 

. Durkee 

Deckes 
Winter b . 8. 
Winter . Van der Woud 


. Hardesty 

. Hardesty 

. Hardesty 
. Hardesty 
Hardesty 

Hardesty 
. Johnston 
. Johnston 
. Johnston 
. Johnston 
. Johnston 
Johnston 
Gaylord 
Gaylord 
Gaylord 
. Gaylord 
Beedle 
Beedle 

. Beedle 

. Beedle 
Galambos 
Galambos 


. Galambos 
. Galambos 
Winter 
Winter 

Winter 
.Winter 
J. W. Clark* 
J. S. B. Iffland 
J. S. B. Iffland 


. Winter 
Winter 


W. Clark 
W.Clark 
W. Clark 


Clark 


S. B. Iffland 


L. Ss. 


L. S. Beedle 


Schulz 
.G. Freeman 
. Cheong-Siat Moy q 
. Cheong-Siat Moy 
. Cheong-Siat Moy 
Kanchanalai 
. Zandonini 
. Kitipornchai 
M. N. 
Zu-Yea Shen 


L. G. Federinic 
L. G. Federinic © 
L. G. Federinic 
L. G. Federinic 


1945 
1946 

1947 

1949 | adi 

1951 | 

1960 
1961 
1965 
| L. Beedle 
| 1977 LE Beedle 
| 7 Beedle | | 
L. Durkee Beedle | 
|J. S. B. Ifflas L. Durkee 


“of their initial election: S. C. Hollister, R. . Archibald, Beckel, F. M. 
_ Masters, J. S. Newell; H. D. Hussey, W. R. Osgood, T. R. Higgins, R. W. | 
Crum, B. G. Johnston, G. M. Magee, E. K. Timby, N. J. Hoff, E. L. Erickson, 
F. Ball, R. N. Brodie, B.C. ‘Hartmann, T. C. Kavanagh, B. Armstrong, 
k ‘S. Beedle, L. K. Irwin, G. Winter, T. Dembie, W. H. . Jameson, E. H. 
Gaylord, ‘J. W. Clark, G. Haaijer, F. R. Shanley, A. Amirikian, J. L. Durkee, 
& V. Galambos, C. F. Scheffey, A. I. Westrich, I. M. Hooper, J. S. B. Iffland, 
_W. A. Milek, J. A. Gilligan, G. F. Fox, C. Birnstiel, L. A. Boston, K. P. 
Buches, J. Springfield, R. R. Graham, W. J. Austin, S. J. Errera, and R. 
_ From the 32 representative members that were at the first meeting in 1945, . 
the - membership of the Council has grown in 1981-205, of which 80 are. 
representatives of Sponsoring or Participating Organizations and Firms. In = 
addition to the 87 members-at-large in 1981 there were 29 ‘ SComesponding 
_ Members” who eer continuing bass same with relevant work i in 24 countries. f 
> 
_ Eighteen organizations, as listed earlier, sent aa) ‘to the first meeting — 
sg the Council in 1945. More than half of these organizations still oe 
~ (in some instances under a new name that has resulted from reorganization) 
r In recent years engineering firms have been added as participants, each naming : 
= representative member to the council. There are now (1981) 33 “sponsor-_ a 
ing / participating organizations and 43 participating firms, as noted in Table 2. 


Initial financial as well os administrative support came from the sa 
- Foundation, which agreed in 1945 to put up $5,000 contingent on the raising 
_ of $10,000 by the Council from other sources. This offer was repeated later. 
il Major sources of funds in support of the Council over the years have been 
the following: (1) Engineering Foundation ($29,000 between 1947 and 1958); _ 
(2) Research Corporation ($10, 000 in 1949); (3) Association of American Railroads a 
($34,500 between 1948 and 1958); (4) American Institute of Steel Chbtiniiie 
($141,000); (5) American Iron and Steel Institute ($94,000, principally since 1955); 
(6) Alssminum Company of America and (after 1970) the Aluminum Association a 
($6, 000); (7) Canadian Institute of Steel Construction ($16,000); (8) National — 
‘Science Foundation ($93,000 since 1968, primarily in support of annual technical - 
sessions); (9) Federal Highway Administration ($6,000 in support of 1980 annual 


it session); and (10) Urban Mass Transit Administration ($6, 000 in support ‘ 


of 1980 annual technical session). 


_ Additional revenue has accrued from fees paid by participating organizations a 
“and firms, dues paid by members-at-large, meeting registration fees, and royalties - 
the ‘‘Guide.”’’ (The ‘‘Guide,”’ known initially as the ‘‘Guide to Design Criteria 
Rates Metal Compression Members,”’ will be described later under “Council 
q 


: rand are eligible for reelection. or 
| years, there has been a large oa 
| 
| 


— 
izations 


organ 


Institute of Steel Aluminum Association 


Construction 
American Iron and St Steel 
American Petroleum Insti- 

Brown & Root, Inc. 
Canadian Institute of Steel 
Construction | 
Chevron U.S.A. Inc. | 
Chicago & Iron Co. 
Earl & Wright 
McDermott Inc. 
Metal Building Manufac- 


"turers 


i Mobil Research & Develop- 


‘ment Corp Federal Highway Admin- 


National Science Foundation 


a 


Engineering 
_|Corps of Engineers, United 


American Institute of 


American Society of 


Engineers 
American Society of Me- — 
chanical Engineers 
Canadian Society for Civil 


States Army 
Earthquake Engineering Re- 


Engineering Foundation 
European Convention for | 
rk 


Constructional Steelwo 


istration 


To 


| 


Institute of Engineers, 


International Conference of 
Building Officials 
Research Conte, 
NASA_ 
4 


lll 
| National Bureau of Stan. 


Naval Facilities Engineering 
Command, United States 
merger, 
Naval Ship Research & 
Development Center, 
United States Navy 
Steel Joist Inst. ie 
Struciural Asso- | 
ciation of California 
| Welding Research Council © 


articipating 


Amirikian Engineering Co. 
Ammann & Whitney 
Beiswenger, Hoch & Assoc. 
Martin Berkowitz Assoc. 
Blauvelt Engineering Co. 
Carruthers and Wallace Ltd. “se 
Copperweld Tubing Group al 
De Leuw Cather & Co. ie 
Delon Hampton & Assoc. _ 
Dravo Van Houten, Inc. — 
Edwards and Kelcey, Inc. a ; 


Feld, Kaminetzky & Cohen, 7 


Gannett Fleming Corddry 
and Carpenter, Inc. 
Gilbert Associates, Inc. poe 
Green International, Inc. p= 
Hardesty & Hanover a 
Hazelet & Erdal 4 
Howard Needles Tammen & » 
Bergendoff 
Iffland Kavanagh Water- 
bury, P.C. 
LeMessurier Associ- 
/SCI 
Lev Zetlin Associates, Inc. 
A. G. Lichtenstein & Asso- 
| 
Lockwood, Andrews & 
Loomis and Loomis, Inc. 
Charles T. Main, Inc. 
Modjeski and Masters 
Walter P. Moore & Asso- 
 ciates, Inc. 


~ 


Parsons, Brinckerhoff, 

Quade and Douglas, Inc. 
Richardson, Gordon and 
Rummel, Klepper & Khal © 
Sargent & Lundy 
Stevenson, 


4 
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2.—Sponsoring /Participating Organizations and Firms 
Sponsoring 
| 
| 
| 
: 
| 
baw idmore, Owings & Merrill 
4 


 quist & Birdsall 
& Parcel. and 


2 URS/John A. Blume & 


URS / Madigan- Praeger, Inc. 
| Vollmer Associates, Inc. wig 
_ | Weiskopf & Pickworth 
Wiss, Janney, Elstner and nd 
Associates, Inc. 


Records in this category are mover Bony but this funding amounted to $164, 000 
over the years 1947- 1956. Recosts were also kept for the years 1962-1970 during 


At the first meeting of the » Council i in 1945, Shortridge Hardesty had en : 
his concept of the organization’ s — in the _ general statement | 
of ‘purpose: — 


* to supplement and tes na our knowledge where required; to study the : 
application of results of | this dapenggnennrh in n the Practical design of = 
develop 
comprehensive s series of formulas ¢ or rules. covering. the entire range of 
a _ compression members; and secure the widest possible adoption of such - 
a formulas by specification-writing bodies and by designers; 


entially the same concepts as those ‘outlined by 
Dr. Hardesty. “Quoting | from. the bylaws as amended in 1951 and continuing 
without change until 1962 the statement reads: ‘‘The general 
a organize, maintain, and administer a national forum wh where problems 
relating to the design and behavior of columns and other compression elements | 
in metal structures can be presented and pertinent structural research problems 


can be proposed for investigation, with the assurance of an evaluation of all 


| 
| 
The foregoing figures do not include funding made directly to other organizations 
1 | 
“| 
{ 


problems proposed and of support for projects adjudged important. 
- . “*To digest critically the world’s literature on structural behavior involving 
compression elements and the | properties of metallic materials available for their 
- construction, and make the results widely available to the engineering profession. 
_ 3. “To organize and administer cooperative research projects in the field 
4. “To stimulate, aid and guide column research projects on the foregoing — 
in the 4 sntowes | and other research 
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“To a comprehensive and consistent set of or 
aa. a promote the widest possible adoption of such formulas by designers — 
8. “To publish and disseminate original research information within the field 


and. promoting design rales and formulas a as stated in the 


In 1980 the statement of read as follows: 


of fi rames, and other ¢ compression- type elements in metal and 
structures can be presented for evaluation, and pertinent structural research 
problems proposed for investigation, 
2. Toreview the world’s literature on structural stability of metal and composite 
structures and study the properties of metals available for their construction, 
and to make the results widely available to the engineering profession. Pn oft 

_ 3. To organize, administer and guide cooperative research projects in the 
: field of structural stability, and to enlist financial support for such projects. Kew 
_ 4. To promote publication and dissemination of research information in the 
_ 5. To study the application o of the results of research to stability design of 
metal and composite structures, and to. develop comprehensive and consistent 
strength and performance criteria and encourage consideration thereof by © 
Asa basis for the catablishment of j its research prograi ram, the Council initiall 
prog y 

sought answers to the following questions: —™ a 
1. What are the structural stability problems to which structural engineers” 


: 5. ‘*To study the application of the results of this program to the design § 
| | 


te What projects are needed, in the light of past ‘and current setae, co i 
the engineer the answershe needs? 
The first project of the Council in 1945 was the distribution of a —— 
to leading design engineers and researchers requesting detailed information as _ 
to what were considered important structural problems involving stability. The 

: "questionnaire also asked for suggestions as to needed research and closed = 
the query ‘‘What metals do you expect to use in future structural designs?” 

A committee chaired by E. E. Lundquist of NACA (Forerunner of — 
7 reviewed r returns and issued a report in March of 1946 (12). The returns indicated 

a framed structure. 
Increasing use of higher strength steels \ was generally 

_ The first sponsored project of the Council was carried out by Dr. Friedrich 

Bleich, a leading German engineer, under ageen by the United States Navy 


_ survey and review of enieting information with the objective of answering the 
_ second of the four basic questions previously mentioned. The work was carried 
out in the offices of the firm of Frankland and Lienhard, which entered into” s 
: a contract with the Navy Department with joint supervision by the Council. ia 
i: A second questionnaire survey of current research asked the endo oi 


. What articles have you published s: since ni 
bd What research projects have you completed for which have not 
a 3. What programs do you have currently underway or have planned for the —_ 


With the help of key engineers in nearly every foreign country nearly 2,000 , a 
copies of the questionnaire received world-wide distribution. L. S. Beedle and 
the writer reviewed the returns for the Committee on Research, issuing reports - 
in 1948, 1950, and 1952 (2,3,7). Engineers from abroad who assisted in the 
work became the initial Corresponding Members of the Council. WP: ree Bie 
_A further outgrowth of the Bleich project and the first two questionnaires 
was the preparation of the Chart of Column Problems, showing column applica- 
tions for which analytical solutions were available, problems remaining to be 
investigated, and means for dealing withthem. 
A chronology of research projects that have been undertaken by the Council = 
is provided in a later section. After the work of the Council became established 
and widely known, unsolicited proposals became a significant factor in the 
- continuation of research. Such proposals were evaluated by appropriate research 
—— or task groups and, if approved, were in many cases initiated by 
Commirrees, Task Groups, AND Task Reporters 
am originating within the Council were initially planned by the research 
wa the questionnaire surveys, established research 
Priorities. The appropriate eae then solicited proposals and financial 


& 
| 
| 
| 
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os support, awarded the project, its course, the resulting reports: 
; and approved their ‘release for publication by CRC or other appropriate medium. | 
The first four research committees were initially subcommittees of the overall — 

- Research Committee. Three more were added in 1948 and in the 1951 reorganiza- 

tion they all became independent committees, continuing to be active until 1960, 

_ when the task group designations took over. The seven research committees 
= (1) Mechanical Properties of Materials; (2) Initial Eccentricities of —-. 

pression Elements; (3) Local Buckling of Compression Elements; (4) Columns 

in Structural Frames; (5) Torsional Instability of Structural Elements; (6) Stability _ 

of Structural Elements under Dynamic Loading; (7) Stability of Laterally 


in the same ‘capacity, “but additional Task Groups took on the responsibility 
of preparing chapters of the second, and later, the third editions of the Council 
Guide. Others prepared technical memoranda, special rey RE, , or carried on : 

liaison with other groups. 


_ -The Task Groups, with dates of origin, termination, or or change of status are_ 


Centrally Loaded Columns (1960). (Currently (1981) active task group. 
2. Ultimate Strength of Laterally Loaded Columns (1960-1963), 
Ultimate Strength of Columns with Biaxially Eccentric Load (1960). 
= Columns with Biaxial Bending (1975 change). (Currently (1981) active task group. ) 
Values for t Typical Building Construction and Evaluation of the 
"Factors Affecting Strength of Columns in Actual Structures (1960-1963). Frame 
Stability and Effective Column Length (Reinstated, 1967). Frame Stability and 
-Columns as Framed Members (1980 change). (Currently (1981) active task group. a 
5. Higher Strength Steels (1960). Classification | of Steels fe for § Structures (1964 


r Compression Members (1963 change). (Currently (1981) active task group.) 
7. Tapered Members (Joint with WRC, 1966). (Currently (1981) active task — 


t 8. Dynamic Instability of Compression Elements (1967). Dynamic Instability — 


eet Testing Techniques for Lateral Stability Testing (1960). Test Methods © 
fo 


(1968 change). Dynamic Stability of Compression Elements (1975 change). 
(Currently (1981) active task group.) 
hmm Curved Compression Members (1967). (1973 Plato by Task Reporter 
- 10. Design of Laterally Unsupported Columns (1967). Design of Laterally 
7 4 Unsupported Restrained Beam-Columns (1968 change). (1974 termination) a 
>. 11. European Column Studies (1967). International. Cooperation on Stability 
= Studies (1975 change). (Currently (1981) active task group.) 
5 a 12. Mechanical Properties of Steel in the Inelastic Range (1967). (Currently | 
‘ 13. Thin-Walled Metal Construction (1967). (Currently (1981) active task 
_ 14. Horizontally Curved Girders (1968). (Currently (1981) active task group.) — 
15. Beams (1969). (Currently (1981) active task group. 


(1975 change). (Currently (1981) active task g group. sult be 
17. Stability of Shell-Like Structures (1969). (Currently (1981) active pang 
_ 18. Tubular Members (1970). Unstiffened Tubular Members (1975 change). | 
: 19. Stiffened Plate Structures (1970). (1973 Replaced by Task Reporter 16.) _ 
20. Composite Members (1971). (Currently (1981) active task group. Fi see 3 
21. Box Girders (1975). (Currently (1981) active task group.) 
Db br Stiffened Tubular Members (1975). (Currently (1981) active task group.) 7 ; 


as to the progress of particular research projects or areas of research interest. , 
_In many instances the task reporter has been the forerunner of a task group—while 
j in other cases, the task group has given way to a task reporter. The following — 

chronology of uses the same format | as that of the Task 4 


2. Strength of Longitudinally Stiffened Plates 1963- 1969). 
2 Columns in Continuous Frames (1963-1966). £ 
i Inelastic Lateral-Torsional Buckling of Wide- Flange Beam-Columns (1963- 


Stability of Plate and Shell Structures (1963-1966). 
7. Truss Bridge Research Project (1963 only). 
. Buckling Strength of Tapered Beams and Columns (1963- 1966). ER z 
. Stub Column Test Procedure (1963-1964), 
. Cold-Formed Thin-Walled Metal Construction (1964- -1965). 
. Stability of Aluminum Structural Members (1967). (Currently active (1981).) 
. Stability of Box Girders (1968-1970). 
. Local Inelastic Buckling (1970). (Currently active (1981).) Sa _, ae 
. Fire Effects on Structural Stability (1971). (Currently active (1981). — 
. Curved Compression Members (1973). (Currently active (1981). “Ep Favs 
. Stiffened Plate Structures (1973). (Currently active (1981).) 
. Laterally Unsupported Restrained Beam-Columns (1974). (Currently active 
Application o of Finite Element Methods to Stability Problems | (1980). 
: Since | its inception, the Council has guided research projects through its 
committees or task groups. In addition, annual technical sessions have provided : 
_ increasingly a world-wide forum where researchers can present theoretical and — 
test results and ideas with others in areas | of mutual interest with 
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financing by the Council has ‘diminished, although ‘ ‘seed money” has been 
authorized frequently to help initiate a beginning project effort. 


g ‘o Since the mid1950s when preparation of the first edition of the Council’ - 


= “‘Guide”’ was initiated, the Guide has become the primary outlet where significant — 

Council-approved research results of both sponsored and nonsponsored Projects 
have been presented. No attempt will be made herein to describe in ae 
what | is already available in the various editions of the Guide. However, a 
-_chronolgia research review will be presented, listing subjects, project workers, — 
and the institution at which the work was carried out. Further information | 
concerning research results based on projects reported herein can be found — ; 
3 reference to the Name Indexes in the various editions of the Guide. The a: 
_ 3rd edition of the Guide, published in 1976, includes primarily references printed a 
before 1975. More recent references are listed in ” Annual eT of 
the Council for 1976 and thereafter. Sek Se 


5. Built-Up Members. 


. Members with Distributed Lateral I Restraints. oa 
. Members in Frames. 


. Stiffened Plates. 
. Curved Bars and Arches. Pi 


¢ 
by the Council of he has from little 
ie or no support to major financial aid and guidance. All projects listed hereunder > 
have been reported on at | one or or more of the annual technical sessions of the 
Council and subsequently | summarized in the Annual Reports and Proceedings. 
Research projects may last from | yr | to 10 yr or even longer; therefore <a 
= as listed simply indicate a time when the project had been initiated or _ 
Bart Centrally Loaded Columns.—The earliest work on centrally loaded columns _ 
ee sponsored by the Council concerned the effect of residual stress. The probable ral 
am importance of residual stress on inelastic column strength had been noted in 
the late 1940s by researchers at the Fritz Engineering Laboratory, Lehigh 
oe University, and the matter was described at the Technical Board Meeting of _ 


the Council on November 7 of 1948. A pilot program was authorized and the 

~ results led to a series of major studies that are still continuing 32 yr later. 4 
; | The | residual- -stress effect has also been studied in Canada, Europe, Australia, > 

In following, lists the name of a ‘a research worker will be once 


33 general review oO ouncii-relate research WOrK WIL De mad 
fol 
| 
| 
| 


in connection with his earliest work. For example, the ant of L. Tall at Lehigh 
University on residual stress effects has continued through the years” from 
1960-1978, but is listed only for 1960. « of 
l. C. H. Yang, L. S. Beedle, B. G. Johnston (Lehigh). 
. 1951 W. R. Osgood (National Bureau of Standards). fstieunD 
7. 1961 T. V. Galambos, Y. Ueda (Lehigh). 
8. 1962 R. H. Batterman (University of Michigan). 


11. 1967 C. K. Yu (Lehigh). 


14. 1972 N. Tebedge (Lehigh). 
(1972 W. F. Chen (Lehigh). | 


1975 P. C. Birkemoe University 0 of Toronto). a 
Effects of initial curvature or end eccentricities, or both, alone or or 


in combination with residual stress, are especially important in the case of — 
high strength steels. Increasing attention has been given to this subject in recent _ 
years: (1) 1950 L. T. Wyly (Purdue); (2) 1962 L. Tall (Lehigh); (3) 1962 R. 
H. Batterman & B. G. Johnston (University of Michigan); (4) 1969 R. Bjorhovde — 
(Lehigh); (5) 1971 C. Marsh (Sir George Williams University); an 
‘Vv. Galambos (Washington University, St. Lewis). 


‘nonlinear stress- s-strain. properties and column strength, (1) Effects ‘ 

of cold forming (1963, G. Winter, Cornell); (2) high strength constractional 

(A514) steels (1956 Y. Fujita and G. Driscoll, Lehigh); (3) use of stainless steel 2 

(1964, _L. Johnson, Cornell); (4) T- -shaped aluminum alloy columns 

Hariri, University of Michigan); (5) design recommendations for multiple 

- column curves (1968, R. Bjorhovde, Lehigh); (6) buckling at ‘elevated temperatures 
(1970, C. Culver, Carnegie-Mellon University); (7) reversed cyclic loading (1971, 

R. D. Hanson, University of Michigan); and (8) effects of end restraint on . 

_ initially curved members (1979, T. V. Galambos, Washington University at St. 

_ Louis). Dynamic studies have been | reported regularly since 1967 by D. Krajcinovic 
(University of Illinois at Chicago Circle) and members of his task group. A — 
complete tabulation and classification of all steels then in structural use was — 

_ prepared in 1967 by CRC Task Group, A. L. Elliot, A. L. Collin, G. Haaijer, 

- Beams and Girders.—In 1945, U.S. design specifications were especially — 
‘ inadequate v with with respect to laterally unsupported beams and girders. The Council cil — 


| 

g Illinois); (2) 1952 J. Zickel (Brown University); and (3) 1962 G. Winter (Cornell _ 


‘gave attention to this p problem through the following. 
“a 1. 1950 R. Templin & H. N. Hill (Aluminum Co. Research Labs.). 
1950 R. A. Hechtman & Tiedemann (University. of 
7 1951 J. W. Clark (Aluminum Co. Research Labs. Beseod § 
4. 1953 M. G. Salvadori (Columbia University), = bec, 
1958G.C. Lee(Lehigh). ree! foisTina tw walt 
1969 J. _A. Yura (University of Texas). ) . ene! 
7. 1974.N. S. Trahair (University of Sydney). 
. 1975 C. Marsh (Concordia University, at Montreal, Canada), 74 _ 
. 1975 M. Ojalvo (Ohio State University), 
_ 10. 1976 T. V. Galambos (Washington University, at St. Louis, Washington). — 
‘The adoption of tension-field design of plate girder webs in the —T 
Specifications was preceded by Council-sponsored research projects: (1) 1958 
K. Basler, B. Thurlimann & B. T. Yen (Lehigh); (2) 1968 J. W. Clark (Aluminum 
Co. Research Labs.); and (3) 1971 A. Ostapenko (Lehigh). 
_ Other girder projects considered the use of longitudinal stiffeners (1964, P 
B. Cooper, Lehigh); box or (1968, P. B. Cooper, Kansas State University); 
effective flange width (1975, K. P. Chong, University of Wyoming); unsymmetri-— 
cal girder strength (1967, A. Ostapenko, Lehigh); and cold-formed beams (1965, J 


* Beam-Columns.—Columns in actual structures usually carry appreciable mo- a" 
ment, caused either by lateral load or by end moments and shears induced 
‘toward the ‘development of design interaction formulas that have a so 
theoretical basis and that have been corroborated by test: Wee 


1950 R. L. Ketter and L. S. Beedle (Lehigh). 


of 1951 J. W. Clark and H. N. Hill (Aluminum Co. Research Labs.). 
1952 W. J. Austin (University of Illinois). 
4, 1952 M. Salvadori (Columbia University). » 
1953 D. C. Drucker & B. Thurlimann (Brown University). we 
. 1962 T. V. Galambos (Lehigh). 


1969 S. Pillai (Royal Military College of of Canada) A 


9. 1972 C. K. Yu and L. W. Lu (St. 
When biaxial moments occur the problem still more complex: 

1. 1960 B. C. Ringo (University of 
2. 1962 T. V. Galambos (Lehigh). bas 
3. 1962 E. H. Gaylord (Illinois). Bor 
4 1962 C. Birnstiel and J. Michalos (N.Y. University). 
1969 W. F. Chen & T. Atsuta (Lehigh), 
‘1975 S. Vinnakota (Lausanne). ind 


| 
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Tubular beam-cc columns" have the advantage 0 of torsional 
rigidity: (1) 1964 A. A. _Toprac and D. W. Fowler (University of Texas); (2) : 
1967 D. R. Sherman (University of Wisconsin); and (3) 1976 W. F. Chen (Lehigh rl 
_ Tapered Members. ._—The Council has collaborated in an advisory capacity 
with the Welding Research Council in a series of projects on single-story rigid 
7 frames with tapered members. 1960 C. M. Fogel & R. L. Ketter (State University 
7 of New York at Buffalo); 1967 G. C. Lee (State University of New > York: 
at Buffalo); 1969 M. L. Morrell (State University of New York at Buffalo): 
1978 C. J. Miller (Case Western 2 
Built-Up | Members. .—In 1949, S. Timoshenko proposed a study of shear effects — 
in built-up laced and battened members, later carried out by J. R. Benjamin 
at Stanford. In 1956 M. W. White and B. Thurlimann reported for AREA on 
perforated cover plate design. In 1966 the shear effects in battened and laced 
—_ were studied at the University of Michigan by F. J. Lin, E. a, 
and B. G. Johnston, the latter subsequently ‘making a study of battens that 
acted only as spacers. l F asked 
Members with Distributed Lateral Restraints. .—Design tules for the mp 
“of pony truss bridges had been inadequate and from 1950-1957 the Council 
sponsored work at Penn State University under E. C. Holt, Jr. and R. M. 
- Barnoff. In 1962, at Cornell, S. J. Errera studied double columns connected — 
by shear panels that provided bracing in the weak plane. _ ‘leo 
_ Members in Frames.—Most compression members are parts of frames, and 
- the early questionnaires had indicated that the study of overall frame behavior 
was of top priority. Early work at Cornell and Penn State covered both trusses 
i continuous building frames. Much of the early work at Lehigh was related 


2. 1948 T. C. Kavanagh and H. State). 
1948 P. P. ‘Bijlaard, G. P. Fisher, and G. Winter (Cornell University). 

 * . 1964 L. W. Lu, M. Ojalvo, 4 Fukumoto, T. V. Galambos, G. C. are 


byte: 


6, 1965 J. A. Yura, _ J. H. Daniels, P. F. Adams, B. P. Parikh, w. es ae 
1966 M. G. Lay (Lehigh). “4 

od 8. 1974 P. F. Adams (University of Alberta). 
7 1974 C. K. Wang (University of Wisconsin). 
10. 1976 Z. Razzag (Arizona State University & Southern Illinois | University). 
 Stiffened Plates.— 1958-1964, A. Ostapenko and T. Lee at Lehigh University. 
— Bars and Arches.— 1967 M. Ojalvo & F. Tokarz (Ohio State University); — 


- Tubes and Shells.—1960 L. Tall (Lehigh); 1967 K. P. Buchert (University — 
of Missouri); 1967 Y. Ueda (Lehigh); 1970 D. R. Sherman (University of — 
at 1972 W. F. Ga (Lehigh | ‘University and 


— E. F. Masur (University of Illinois, Chicago Circle); and 1972 W. J. Anaia 


= 
- 
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2 Birkemoe (Toronto); 1976 A. Ostapenko (Lehigh); 1977 R. Bjorhovde (Atberts); 
and 1978S. Toma (Purdue) sft 
a Local Buckling.—In 1949, E. E. Lundquist (13), a participant at the first 
bw meeting of the Council, coauthored a report summarizing significant results — 
of research that had been conducted at the National Advisory Committee i 

_ Aeronautics Research Laboratories at Langley Field. Much of the Lehigh work a 

i. since been concerned with inelastic behavior as related to plastic design: _ - 

. 1952 C. H. Yang (Lehigh) 

. 1968 C. G. Culver (Carnegie-Mellon University) 

Thin-Walled Metal Construction. .—1967 G. C. Lee (State University of New 

7 7 York at Buffalo); 1969 E. A. Zanoni and C. G. Culver (Carnegie-Mellon 
-_ 7 University); 1970 W. W. Yu and C. S. Davis (University of Missouri); 1972 
T. Pekoz (Cornell University); and 1978 C. Marsh (Center for Building Studies, e 

Composite Columns.— 1972 W. F. Chen (Lehigh); 1974 R. W. Furlong (Univer- 

sity of of Texas), and 1976 K. P. Chong (University of Wyoming). 

a From 1951-1959 the research report programs were supplemented by technical ; 


were invited. At the panel ‘discussions well known experts from | design practice 
_ have presented prepared papers on a subject appropriate to the geographic location ; 
of the meeting, with questions directed to panel members and subsequent open 
a Since 1954 the proceedings of technical sessions and panel discussions have 
been reproduced and distributed to Council members and are currently available - 
on loan upon Tequest to counclt headquarters. bee 


o years are available but c consist primarily of miscellaneous research reports all 


1. 1951 (New York | City) Columns in Frames. 
2. 1952 (New York City) Buckling Strength of Metal Structures. (Bleich’s 
3, 1953 (New York City) Torsional Instability of Structural Elements. 


_ 4, 1954 (New York City) The Philosophy of Column Design. __ weer 
5. i957 (Bethlehem, Pa.) Lehigh Continuous Frame Project. 
6. 1969 es York Univ., Bronx) The Structural Engineer Looks at Column 
Design, 


7. 1970 (Washington University, St. Louis) The Looks 
at the Stability Provisions the 1969 AISC Specifications. bon 


4 l 1. 1974 (Houston, Texas) Stability Problems in Offshore 
42. 1975 (Toronto, Canada) Stability of Structures during Erection. 
13. 1976 (Atlanta, Georgia) New Ideas on Stability of Multistory Buildings. — a 7 : 
14. 1977 (Washington, D.C. ) International Colloquium on of Structures 
15. 1978 (Boston) Mixed Steel-Con-rete Structures. 
16. 1979 (Pittsburgh) Panel Discussion: Stability of Space Frame Structures. 
« "1980 (New York City) Bridge Stability Problems. A 
(Chicago) Stability of Tall Buildings. 
_ 1982 (New Orleans) Stability of Offshore Structures. 
Council activities have interacted with other groups as indicated in the following _ 
:. 1947.—In Japan, an independent ‘‘Column Research Council of Japan’’ was 
organized and in 1951 a ‘Handbook on Elastic Stability’ was published. In 
1971 a 2nd edition was peodaced in both Japanese and English under the title 
a ‘Handbook of Structural Stability.” 
1951. response to an invitation by the Structural Engineers Association 
_ of California, the writer presented “‘A Survey of Progress: 1944-1951”" at the 
1951 Annual Convention, later published as Bulletin No. | of the Council (8). i 
_ 1953.—In response to a request, the Council reported to the AREA regarding 
proposed amendments to its bridge specifications. Since the early years of its — 
_ existence the Council has had a representative on AREA Committee 15— ‘Steel 
1959. —Organized a joint symposium with ASCE on | Metal Compression 
— -1961.— —The revised AISC Specifications introduced new stability provisions 
- for columns and laterally unsupported beams that were based on Council © 
recommendations and validated by the Ist edition of the Council “Guide.” 
-1961.—As part of a joint | working group with the International Institute of 
Welding, the Council ‘collaborated in a revision of its Technical Memorandum 
No. 3. (See next section on ‘‘Publications.”’ tod 
1968.—L. S. Beedle, then Council Chairman, presented talks on the Council 
at the 1968 Annual Meeting of the Highway Research Board and at the Annual 7 


(1968. —The Council cosponsored joint sessions with ASCE on ‘“‘ “Compression — 
Members” at meetings in San Diego and in Pittsburgh. 


1969.—Cosponsored joint sessions with the ASCE at meetings in Washington, 


1969. —Cosponsored with AWS a joint panel discussion on residual stress 


1970. —Cosponsored a joint session with ASCE at their meas meeting in 


= 


effects at their New Orleans meeting. | walt) 


) 9. 1972 (Chicago, Ill.) Stability Problems of Novel Building Systems. a | 
4 
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int conducted a at t the ASCE Specialty Conference 
1971. representatives participated in the IABSE Colloquium on 
Design of Plate and Box Girders i in London. 


1971 -—Cosponsored the Ist ‘Specialty Conference on Cold-Formed Steel 


1972.—Along with the ECCS, IABSE, and the Column Research Council 
_ of Japan, the Council cosponsored the First Colloquium on Column Strength _ 


1973.—Cosponsored the 2nd Specialty Conference on Cold-Formed Structures 
a 1974. —Cosponsored with ASCE a session on Dynamic Stability i in Los Angeles. . 
1975. —Acted as a cooperating organization in the conduct of the 3rd Interna- 
a Specialty Conference on Cold-Formed Steel Structures in St. Louis, Mo. 
“a 1976.—Participating in a ‘‘presession’”’ of the 2nd International Colloquium — 
on Stability of Steel Structures in Tokyo. ee 
1977. _—Cosponsored the 2nd International Colloquium m on Stability of —_— 
1977.—Cosponsored the International ‘Colloquium on Stability of Steel 
tures under Static and Dynamic Loads, in Washington,D.C. 
1977.—Cosponsored a Colloquium on of S Steel Structures 
—Cosponsored the 4th” International Conference ‘on Cold- 


4 
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Official Council publications include the Technical Memoranda 
and the va various ous editions of the Guide. 


iT. M. i. — “The Basic Column Formula’’ was issued in May of 1952. In 


of of a a ‘straight, ‘palmate: axially loaded member \ was sapere tr in the e July 17, 


_T.M.2.—-‘‘Notes on the Compression | Testing of Metals”’ was published initially 


—*Stub- Column Test Procedure”’ issued initially as an appendix to” 
TM. 2, was revised in 1962 by an International Institute of Welding nl 
Group and later was further revised in 1974 by Task Group6. 
_ T.M. 4.—‘*Procedure for Testing Centrally Loaded Columns” prepared 

by Task Group 6 of the Council and was based on an earlier report authored 
by N. Tebedge and L.Tall(1970). 

TM M. 5.—‘‘General Principles for the Stability Design of Metal Structures.’ 


Completed in 1979 by an Ad-hoc Committee on Column Problems, un under 7 
base of T. V. Galambos, this memorandum updates and re- 
the basic philosophy of the Council regarding column design. (Published - 


_ Civil Engineering Magazine, Feb. 1981, m 


4 
4 
| 
conjunction Wi Is release a Statement as tO the desiraDillly O © tangen 
a 


—“Determination of — Completed in 1979 by Task 
Group 6, this memorandum is based on earlier work at Lehigh by L. ‘Tall - 
7 and associated research workers. (To be published by the the Society for Experimental — 4 
_ Design Guides. —Dr. Friedrich Bleich’s book on ‘Buckling Strength of Metal — 
Structures” has been described earlier in connection with its function as a 
_ major first step in the development of the Council’s research program. It was — 
also a forerunner of the design guides. After Dr. Bleich’s endden death <a 


book i is ‘still widely used asa reference. alk 


_ The concept of a “‘design guide’’ was introduced in 1956 by Jonathan ones Hg 
and L. S. Beedle. The purpose was to provide an authoritative source of stability Ss 
_ design information for engineers and specification writing bodies. The first two = : 
editions were titled “‘The Guide to Design Criteria for Metal Compression — 
Members” and the third “edition, in keeping with the > changed name of the 
Council, was titled ‘ “Guide to Stability Design Criteria for Metal Structures” 
— (11). The following comparative summary illustrates the growth of the Guide: we 
The Council’s efforts to achieve its primary early goal of upgrading sand seapell 
stability design procedures has involved the following: 
2. Provision in the Guide of alternative design formulas and procedures of => 
_ 3. Meetings and panel discussions have provided interaction between research 
workers, educators, and practicing engineers; many of the latter — a ; 


«4, Many. workers trained on Council projects have gone into industry; 


- have written books on design and stability, 


of the Council’s s efforts with respect to items | and 2 are as follows: c+. - : 

1. 1953. Reported to AREA on amendments to buckling provisions. 
L _ 2. 1954. Prepared a study of columns with perforated cover somes for the | 

3. 1961. Provided input for stability design provisions for the 1961 revision 


1968. Provided material for stability of the AISC 


_ 
| 
a 
| 
| 
| 
| 
Wi 
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5. ge er in the 1969 revision of the AISC Building Design 


. 1974. The National Building Code of Canz Canada, in their Limit States Design 


7. 1978. Participated in the 1978 revision of the stability provisions of the 
Building Design Specifications. 
8. 1979. Developed design provisions for composite columns consistent with 
; both reinforced concrete and steel design specifications. — = 
1980. The National Building Code of Canada adopted Curve lof the proposed 
SSRC multiple column curves for hollow heat- sections. 
Currently, in 1981, the Structural “Research Council is ‘recognized 
throughout the world for its objective approach and for the technical excellence oI 
of its work. This historical review of the Council’s activities was prepared 
by the writer upon request by the Executive Committee of the Council and 
_ was made possible by the help and cooperation of the current Council Officers — 
and Headquarters Staff, including J ‘B. Iffland, J. ‘Durkee, L. 8. Beedle, 
; M. N. Aydinoglu, and L. G. Federinic. >. For the writer, it has been a unique 
privilege not only to have been associated with the Council since its founding © 
but also to have had the opportunity to prepare this report. Refs. 2, 3, 4, 7 
5, 6, 7, 8, and 9 are available for loan upon request to council headquarters, 7 
Fritz Fritz Engineering Laboratory, Lehigh University, Bethlehem, Pa. 18015. homer 
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‘The following. are abbreviations in this paper: 

_ AAR = Association of American ‘Railroads. and 
_AASHO = American Association of State Highway Officials. foe 


AASHTO = American Association of State Highway and Transportation Officials. 
AIA = American Institute of Architects,§ 
= American Institute of Consulting Engineers. 
_ AISC = American Institute of Steel Construction. ail ates 
AISI = American Iron and Steel Institute. 
ALCOA = Aluminum Company of wih 
ASA = American Standards Association. io 
ASCE = American Society of Civil 
ASME = American Society of | Mechanical Engineers. _ 
CRC = Column Research Council. 
NACA = National Advisory Committee for Aeronautics 
NASA = National Aeronautic and Space Administration. 
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INELASTIC LATERAL TORSIONAL BUCKLING OF 
A. Hollinger, and c. P. Mangelsdor, 


INTRODUCTION 


purpose of is to present an approximate procedure suitable 


- for general elastic and inelastic lateral torsional buckling solutions of beams 
_ with complex loading and restraint conditions. _An approximate tangent modulus 


is used to account for the partial yielding of the cross section due to the existence — 


of residual stresses. An estimate of the effect of a shift in the shear center 


due to partial yielding is also included. Computer generated finite difference — 


solutions to the differential equations defining | initiation of lateral torsional = 


to o show the applicability of the a approximations. ™ ie 


Previous THeoreticat Work 


. problem have been found for v. various loading cases and end boundary conditions 
a 


by using analytical differential equation solutions, energy solutions, finite element : 


analysis, and the finite difference method (1). However, inelastic lateral torsional 


buckling has only been investigated for a few different load and support cases. 


_ The inelastic buckling solution for wide flange beams has been published for — 
the case of ‘single curvature loading and for a simply supported beam with 
a point load at the center (2,3). These load cases have also been examined 
iby full scale experimental tests. 

_ An ideal beam in the inelastic range undergoes no lateral deflection or twist 
until the critical moment, M.,, i is reached. At this point, bifurcation of equilibrium» 


takes ; place causing lateral deflection and twist. The beam will still be able 


xis 


to support a small increase in moment (Fig. 1) to M,, due to to elastic - unloading 
of previously yielded fibers (1). However, the solution procedure presented 


_ 'Engr., Floyd Browne Associates, Ltd., 181 South Main Street, P.O. Box 587, Marion, 
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g _ Compared to inelastic behavior, elastic buckling has received the far greater ff 
ve 


FIG. 1. —Moment—Lateral and Torsional Displacement Curve 


in this paper r will be concerned only with predicting the initiation of os 4 

> 


The elastic core solutions as presented by a 

deal of attention because of its favorable agreement with test results (2,4). 5 ey 


The following assumptions elastic core theory for 


; . No external lateral forces are applied to the ua’ between s supports. 
2. The beam is initially straight and free of imperfections. 
. The cross section retains its original shape during buckling, 
. The ends of the beam may not | translate or twist but are hed to we to warp. ror “a 
af 
The cross- and material properties are uniform along the whole 


The stress strain curve is the idealized perfectly elastic | one perfectly 


9. sanume 


Using assumptions, Galambos derived equations defining. thie 
_and weak axis bending rigidities for the elastic core of a partially yielded a. 
‘ section as a function of a given moment. By substitution of these equations 
for inelastic rigidities in the Timoshenko elastic equation, baat critical — i. 
buckling moment could then be determined (2). 
| - Galambos also derived a reduced moment method developed from the Chile’ 
Research Council (CRC) basic strength curve for columns, to approximate beam 


us 
i 


EAMS 
a ’ He observed a close comparison of the elastic core solution with the red 
widely recognized approximate tangent modulus equation 
- columns can be derived by substitution of the Euler equation into the CRC 
equation for basic column strength. The resultis j= 
in which F., = the axial stress when buckling occurs. Eq. | is valid within — 
_ the Range F, / 2 = F., = F,. The inelastic buckling of beams can be approximated — 


bya similar parabolic approximation for E, and G,. Substituting the bending 
moment, M, and the plastic moment, M, » for F., and F, respectively, in =a 


FIG. 2. —Assumed Residual Stress Dicutbudion ae 


following ressions for E, G, are ¢ obtaine 


, 


jelds 


| 
( 
Eqs. 2 and 3 are taken to be valid within the range M,/2 = M = ae - j 
* Substitution of Eqs. 2 and 3 into the Timoshenko elastic equation y 
an approximate equation for the inelastic ultimate moment. Solutions from s 
[| 86s approximate equation provide exactly the same result as the reduced moment _ 


_ The solution to both the elastic and inelastic buckling cases for a variety 


E of boundary conditions requires a fairly general set of equations. The solution 
must into account ‘Rot only redundant Testraint conditions i in 


ment, AA,, ina buckled 


‘along 
y to Fig. 3(a), which shows a ‘beam see 


— 


B-B; (c) Section 


and ‘respectively. _Assumit all all angle the b b 
— 


‘plane may be written a 


_ Also the moment curvature samen | in the x’2’ plane is 


> 
x» mM the -plane gives 
rise the x’-, y’-, 
= FIG. 3.—Deformed Beam Seg a 
| 
ne or more 
n need not 
be included here because it is S not t used.) Eq. 5 will then be differentiated twice 


at. 
BUCKLING OF BEAMS 
so that numerical ‘solutions | to ‘indeterminate lateral. restraint conditions may : 


y An expression fort the = in torque is achieved by summing tongues about 


M 
“ 


Realizing that and for dz z approaching zero 


-Timoshenko’s equilibrium um equation for moments about the z | 


Bounpary Conoitions 


, considered in this paper. This makes the solution of the major axis static moment, 
M,, a determinate problem. It also eliminates the need for the solution of | 


Eq. 4. only ith warping at the ends are 


2 | 
| 
. 
H 
| 
77 
i | 
4 
| 
i 
1 
; nly Deams WI wo simple vertical support locations in the yz-plane are 
| 


The following boundary conditions are the stated end 
restraint conditions, for Eqs. 6 and 12: 
at the end of the beam: 
at the ond of the | 


3. Rotational support at of tl the beam: 


. No rotational support at the ‘end of the beam: 


. Rotational support at an interior point in the span: 


_ A point load applied above or below | the shear center, at an iaterior salt on 
=n the beam span, causes a discontinuity in the distributed torque Eq. 12. ’ 
Resolution of this difficulty is achieved by considering the boundary conditions : 
_ immediately to the left and right of the applied load. oe ee 

‘The following boundary conditions are required (6 


change in internal torque at the load is to ‘the torque 


warping moment to the left of the point equals the warping 


I 


The following boundary conditions a1 are for eons point condition 
at t the end | of a beam with no (6) an die 


7 
| 
_ §.° Lateral support at an interior point in tne span. 7 
| 
4 
4 4 
™ 
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iterative “technique. Iterations are re required because the approximate 
modulus is a function of the failure load which is not known to start with. 
The finite difference method is convenient because it allows variations in beam 
properties along the length. Finite difference equations are written at each node — 


point using the beam’ s rigidity at ‘that point based d upon an assumed i 
‘ load. The major axis moment at every node is examined to determine if it J 
falls between 0.5M, and M,. If so, the approximate tangent moduli, E, and 4 
7 _G,, are calculated, “tor that ‘point, based on Eqs. 2 and 3. The values for } -% - 
‘and G, are then substituted for values E and G. The failure load is then determined a» 
and compared with the assumed value. The process is repeated until the assumed ; 


Investigators who have studied the geometry o of partially yielded cross icag : 
= found the shear center location to vary in the inelastic range. ‘For a 
doubly-symmetrical wide flange beam n, the shear center is coincidental with 
a the centroid at the center of the elastic cross section. An increase in the 1 major 
axis moment above 0.5M, will cause the location of the shear center and the 
centroid to move from the center of the beam toward the bottom flange (2). 
Fig. 4 shows a shear center location plot for a parabolic residual stress pattern F 
in a 10UB29 as calculated by Kitipornchai and Trahair r (3). As can be seen, r 
the; shear center distance from the beam center has almost a linear r relationship ; 
with the r major axis moment. The approximate variation shown in Fig. 4 can t 


be calculated very simply and is in fairly close agreement with the calculated 


or 


istance From Beam 


| BUCKLING OF BEAMS 
| 
| 
qth 


‘The drop in the a center location will increase the applied torque for 
_ any load above the shear center. This effect can be accounted for by using 
the approximate variation curve in Fig. 4 to adjust @ in the inelastic range. 
_ The adjustment in shear center location in conjunction with the approximate 7 
ts tangent modulus method has not been previously investigated. For this reason, al 
‘ the approximate tangent modulus method concept by itself i is is presented as Method 


Method 2 will ill include the shear center a adjustment. ent. 


‘The subject program automatically breaks the input beam into 200 ‘segments 


g 201 nodes. The first order central finite difference equations for Eqs. 6 
and 12 are written at each node. This requires two simultaneous equations 
at each node for a total of 402 simultaneous equations for the entire | beam. ‘ 
_ The program assembles the coefficients for these equations into a ‘rectangular _ 
banded matrix with a full band width of nine coefficients. 
_ The coefficient matrix has coefficients for two exterior fictitious nodes at 
_ both ends of the beam which must be eliminated by using end boundary conditions. - 
This elimination can be accomplished by writing the central difference re 
for the required two boundary conditions stated previously. 
_ Interior restraint points are accounted for by modifying the seine nitaie 
‘The program locates lateral and torsional restraints at the nearest node point 
re and then with the exception of the diagonal terms, zeros out the appropriate 
This set of 402 homogeneous simultaneous equations has a nontrivial solution 
deflection vectors, {U} and {®}, when the determinant of the coefficient 
, ‘matrix equal zero (7). The determinant is equal to the product of the diagonal 
terms on the upper triangular coefficient matrix. Gaussian elimination is used ; 
a: the rectangular coefficient matrix into an upper triangular matrix. 
A linear relationship does | not occur between the loading and the determinant: 
€ nelastic range. Because of 
this ‘nonlinearity, a search procedure was gal lor for the program to find 
loading at which the determinant zero. A procedure using 


_ Eigenvectors, {U} and {®}, are calculated for the critical cae load and 
published by the program. The eigenvectors are found by : selecting a degre: 
of freedom between restraint points, and setting it equal to unity. This will 
generate a load vector and the deflections can then be solved for by using 
Gaussian elimination and backward substitution. Eigenvectors, {U} and {®}, 
solved by normalizing t the deflection vectors v with ther maximum value 


to unity. 


Experimental data was obtained for lateral torsional buckling tests | on 123 
beams. The data is from tests conducted in Japan, Great Britain, Australia, = 
_and the United States and covers a variety of beam stiffness, loading conditions, § 

 emegpened lengths, and restraints. Data points are compared for elastic and 


| 
4 


inelastic buckling, although the ahajeniay of the data falls in the inelastic range. 7 

The data is broken down into two categories for graphical comparison with — 
_ the program solutions. The first category (A) includes all test beams with full 
lateral and torsional restraint at the point of load application. The second category | > 

: — @) includes all test beams without restraint at point of loading. The second _ 
e category is ; separated from the first for comparison with Method | and Method — 

2, as previously described. The solutions using Method | ard Method 2 will 

be identical for Category A since restraint is eam at the point of load 

‘ots 


‘The British tests were carried out by Dibley in ‘1969 (8,9). These tests covered — 
30 test points for four shapes of high-strength DL 30 steel with an average ~ 
yield strength of 65 ksi (447 N/mm’). The shapes were an 8 x 8 UC 58 lb/ft 
(846 N/m), 6 x 6 UC 20 lb/ft (292 N/m), 8 x 5-1/4 UB 17 lb/ft (248 N/m), — 


5. 5.—Loading and R Restraint Conditions of Tests From Ref. 8 


Two point symmetrical loading | at the ends" of the beam was used with 
interior vertical supports so that the center span carried a uniform bending» 
‘moment. Lateral and torsional restraint was provided at the two load points 
and two vertical restraint points while the ends of the beam were free to warp. 
_ The ends of the beam were constrained in guides to move vertically only and _ 
the load was applied by hydraulic jacks. The critical load was determined as — 
‘the m maximum loading the beam was able to carry. The published critical bending 
moment was corrected for dead load of the beam and for estimated error. 
¢£ estimated error was calculated from measured friction in the testing | 
- equipment. Lateral and rotational deflections were measured at the center of 
4 the beam and no adjustments were made to compensate for initial imperfections. — 
Thirty-six Japanese tests were taken from Ref. 8 which only published the — 
- beam dimensions, loading conditions, restraints, plastic moments, and critical _ 
-moments. The English translations for the original references of these tests — 
could not be obtained. Four different loading and restraint conditions were 
used for these Japanese tests and are shown in Fig. 5. The test had an average 
measured yield stress of about 40 ) ksi 


| 
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of Pittsburgh i in 1979. These tests covered a 385.7 shape with an average measured © 
stress of approx 46 ksi (316 N/mm’). The buckling tests carried 
out on single span simply supported beams with a concentrated load applied 

at midspan. The ends of the beam were free to warp and lateral deflection 

.. rotation about the longitudinal axis were restrained at the beam ends and -— 
at midspan. Two of 2 21 ft 24 ft (7. 32 each h were 


Category B includes tests from Australia, Japan, and the United States. The 
- Australian tests were carried out by S. Kitipornchai and N. Trahair in 1975 | 
q 10). These tests provided four data points for a 10UB29 with an average 
measured yield stress of 45 ksi (310 N/mm’). Kitipornchai and Trahair made 
an effort to reduce or eliminate some uncertainties in restraint exerted by loading _ 
devices and supporting fixtures, in imperfections of the test beams, and in 
- rates of loading which were responsible for much of the scatter of results from 
similar tests done by earlier investigators. - 

The tests were carried out on single | span simply — beams with a 
single concentrated load applied at midspan. End roller supports prevented vertical — 
and lateral displacement and rotation about the longitudinal axis. The flanges 

of the beam were allowed to rotate independently in their own planes, so that 
_ the beams ends were free to warp. Loads were applied through a loading yoke 
_ a bearing point 3-1/2 in. (89 mm) above the top flange. The yoke eliminated : 
almost all of the restraining effects of load application. The effect of beam 
alignment imperfections was overcome by laterally adjusting the yoke bearing 

location so that the lateral deflection was equal to or less than 0.1 in. at 80% 
of the maximum load. The published critical moments were adjusted to account 
for beam and apparatus dead weight. ix. 
‘The 12 Japanese tests were also taken from ‘Ref. 8. The data was also for 

_ single span simply supported beams with a concentrated load at midspan. The 
load was applied at the top flange for three tests, at the center for seven tests, 
and at the bottom flange for the last two tests. Lateral and torsional restraint 

7 was provided at the beam ends with the flanges free to warp. The data covered 

3 varying lengths of a beam section with an average measured yield stress of 

The United States data comes from two references. Thirty- three data points ; 
are from tests done by Hechtman, Hattrup, Styer, and Tiedemann carried out “ 
in 1955 (11). Four more data points are from tests conducted at the University — 

_ of Pittsburgh. The 33 Hechtman tests covered four sections of ASTM (American — 
Society for Testing and Materials) A7-51T structural steel with an average 

_ measured yield stress of 37 ksi (255 N/mm’). The shapes were 10S25.4, l1OWF15, 
12WF27, and a 18WFS0. The buckling tests were carried out on single span 7 

— supported beams with two equal concentrated loads at the two end quarter a 
= applied on the top flange. End roller supports prevented vertical displace- — - 


_~ lateral restraints on the toes of the flanges. These restraints allowed | the 
flanges to warp pay at the beam ends. Test loads were applied — a = 


4 
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effects of load application were reduced by manual adjustment of the loads — 
in the lateral direction to keep their lines of action vertical. The effect of beam > 
alignment imperfections were overcome by initially centering the bearing point. 
Centering involved adjusting the yoke laterally until the cross sections under 
the loads and at midspan showed very little or no rotation at a load estimated a 
- to be 25% of the buckling load. Centering was used for the 1OWFIS beam 
_ shape only. The load points were located at the center line of the web for 
The four University of Pittsburgh tests covered a 3S5.7 shape with an average 
ne yield stress ¢ of 50 ksi (344 N/mm? "). The buckling tests were conducted — 
for a single span simply supported beam with concentrated load at midspan — 
applied above the top flange. The ends of the beam were free to warp and 
jateral and rotational movement was restrained at the beam ends. Test 
were applied through a loading yoke with a bearing point 4.5 in. (114 mm) 
_ above the top flange. The loading yoke was attached to a mechanism that allowed a 
— movement of the applied load with minimal lateral restraint to beam 
tnnien. Imperfections in beam alignment were accounted for by manual lateral. 
adjustment in yoke location during loading. | 


Companson os OF PRroGRaM | Soutions AND ExPeRIMENTAL 


_ Computer program solutions were obtained for the 123 buckling tests. Beam — 
As cross-sectional properties were calculated from the dimensions of the Jopenene 


and British beams and taken from published design properties for the Australian _ 
= United States beams. A modulus of elasticity of 29,000 ksi (199,500 N/mm 2) 
 - a modulus of rigidity of 11,154. ksi (76,728. N/mm’) were used for all 
beam | solutions. The modulus of elasticity w was measured for 64 of the tests 
and ranged from 27,354. ksi (188,168. N/mm?)-32,959. ksi (226,725. N/mm? 
with an average value of 29,900. ksi (205,682. N/mm7). The plastic moment — 
used for the Tangent Modulus method was calculated from the measured yield § 
stress in the flanges for each test beam. It should be noted that where measured, J 
the yield stress in the web varied from the yield stress in the flanges by as 
much as 10%-20%. Due to all the various differences between actual properties 
and those used in the program, errors as large as 5% could exist. ‘ee Sik 
di _ Although longitudinal symmetry was present in all of the test beam 2 problems, 
the finite difference matrix was generated for the entire pean. The ingens 


in solutions achieved using 200 segments in n comparison to us using 500. The number 
_ of segments required is dependent on the complexity of the buckled shape. 

The complexity of this shape is dependent on the number of restraints used 
_ and variation of the moduli in the inelastic range. A 5% change in results was 
noted for increasing the number of segments from 100-200 for one particular 


_ inelastic solution for a beam with four points of lateral and torsional restraint. ai 


Grapnicat REPRESENTATION orResuits 


Past St investigators have used the aentimensionnt plotting me method of comparing 


a 
J ow up to 500 segments but it was found that there was virtually no change 
] 
| 7 


the ultimate moment to plastic: ratio, ./M,, versus the ratioV M M,, 


where M, is the elastic buckling moment. ‘This method allows one curve to : 
represent all beam buckling solutions in the elastic range but generates separate 
a curves for different beam geometries, loading and restraint conditions in the 
_ The nondimensional coordinates used here allows one curve to represent all 
- solutions in the elastic and inelastic range. . The program maximum moment 
to plastic moment ratio, M, _- prog/M,, and the test maximum moment to 
plastic moment ratio, M ‘test/M,, are compared against the ratio 
Ss Log VM, /M,— prog. The lower bound of the ratio, M,/M, — prog is 1.0 
and the Log of this value was taken in order for the origin of the abscissa 
to begin at 0.0. The nondimensional program curve takes on a shape similar 
to the classical column stability curves. The inelastic buckling range is the region © 
- between abscissa values 0.0 and 0.388, and the elastic buckling range is the 
region with abscissa values greater than 0.388. Three plots were used to represent | 
a all the test data versus program solutions and are shown in Figs. 6, 7, and — 
8. A band of 10% above and 10% below the program solutions is represented 
by two curves. These curves are plotted to show the degree of test data s scatter 
- Graphical representation of Category A, which are beams with ‘restraint at 
point of load, is shown in Fig. 6. . Only five of the 66 plotted test points fall 
completely outside of the 10% bands. Many of tl the test data points with abscissa 
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plastic mo ion are entering the strain-hardening range — | 
~ 
omparison of Uategory A lest Results with Program Solution 


The Japanese beams all failed near their full plastic m moment. Good co comparison 
with the program solutions would be expected in this region except for the 
_ influence of strain-hardening. The determinant of the finite difference matrix 7 
- would be forced to zero as the tangent moduli —— zero near the full — 
‘The British data covers the full range of inelastic buckling and even has - 
z few points in the elastic region. It should be noted that the British test beams 
. were loaded under uniform moment for the entire center span between vertical 
and lateral torsional restraints. Good comparison would be expected for this 
since past investigators have found favorable comparison between 


a The four University of Pittsburgh data | points are all well within the ieatnatie ; 
"range. These points compare favorably with the program solution curve with 
all four points falling inside the 10% bands. This group is significant because — 
within this category the beams were subjected to the most severe bending moment : 
gradient. The results indicate that the tangent modulus concept generates 
4 beam buckling solutions for beams under a moment gradient as well as those 
_ Category B inciudes the beam buckling tests without restraint at the point 
of loading. Testing beam buckling in this category is difficult due to uncertainties ~ 
in amount of restraint developed by loading or supporting devices and imperfec- 

- tions in in beam alinement. A load applied to a beam with a lateral misalinement 
of u, at point of loading will generate an added torque of Pu,. This added 
torque will generate warping stresses which can cause edditional yielding of — 
the beam cross section. The program solutions are for perfectly straight beams. _ 7 
Beam buckling tests that do not adjust for misalinement wil therefore have 
buckling loads lower than those predicted by the program. ‘This condition — 

greatly effect inelastic buckling but will have very little effect o on buckling in | 

the elastic range. Partial restraint yenerated by loading or supporting ae 
wil give test buckling loads higher than those predicted by the program. This ‘ 

_ additional restraint will effect buckling in both the elastic and inelastic range. _ 
Test data in this category are compared against program solutions using Method , 
1 and Method 2. _ Graphical Tepresentations of these two Methods are shown 

__ ‘The Japanese data points ¢ are above the upper 10% curve for failures e either 

in or near the elastic buckling range. This would suggest that some restraint 
was generated by loading or support devices. Method | appears to give closer 
—" solutions is than: Method 2 for the Japanese data in the inelastic range. This would 

— . expected since Method 1 gives higher inelastic buckling solutions than J 

: sa single elastic Australian data point falls almost directly on the program 
solution. As was previously described Kitipornchai and Trahair recognized and 
“tried to minimize the effects of loading device partial restraint. Method | gives _ 
aa higher tl than the . Australian inelastic data points with one point falling 

7 bs outside the lower 10% curve. Method 2 (Fig. 8), gives a good curve fit through © 

the three inelastic points with one point falling on the curve and the other 

_ The Hechtman, United States data points compare very favorably with the — 

| in elastic ‘Tange with h only three” of the ‘M4 points 


| 
| 
| 
a 
: 


| 


FIG. with | Program yram Solution Using Meth. 


JA 
‘AU 
e U.S.A. 


hen! 


ELASTIC 


8. of Category B Test with Solution Using Meth- 


| °° °° °° 


outside as 10% ou curves. This would indicate that very little partial restraint ‘: 


a _ was generated by the loading devices for these test beams. The majority of 
the inelastic data points are much lower than the program solutions using both 
Method 1 and Method 2. These poor comparisons are probably due to beam — 
misalinement. Beam alinement was adjusted for by centering of the load for 

_ only four of the 19 inelastic points. Centering was used for the 1OWF15 beams 
and these inelastic test results had the average percentage difference from the - 
program solutions of 9.2% for Method | and 7. 4% for Method 2. 0 > mad ot A 

_ The four data points the University of Pittsburgh tests” are all 


_ very near to or in the ‘elastic buckling range. These test solutions are all above 
- the upper 10% curve. This would indicate that partial restraint was generated y 
- The principle findings a1 and | results of this study may be summarized as follows: 


ag Good comparison was found between the program solutions and beam 
"buckling tests in the elastic range. Comparison in both Categories A and B 


_ 2, The program solutions compared very well with the inelastic buckling test 7 


conte! in Category A. Beam misalinement and loading device partial restraint 7 

_ were likely responsible for much of the test data scatter in Category B. The > 
i Australian data is believed to be the most accurate > in this category since the — 
* investigators recognized and tried to minimize these affects. The Australian 


_ data compared best with Method 2 which used the shear center adjustment. - —_ 
_ 3. The comparisons made by this study indicate that the approximate tangent a 


modulus method is an applicable technique for predicting inelastic beam buckling. & 
_ The shear center adjustment appeared to improve the accuracy of the approximate 
tangent modulus n method. The shear center adjustment gives a more conservative 
program solution and therefore is a safer prediction to use. The use of the 
shear center adjustment method causes a negligible increase in computer central 
processing seconds and therefore is pocemnmentee as a worthwhile enhancement 


c - 4, The computer aided program using the finite difference > method and matrix — 
_ algebra is both a convenient and financially feasible “technique for obtaining 
solutions to elastic and inelastic beam buckling problems. An average solution 
to a beam buckling problem required approximately three central processing» 
Seconds on a Control Data Corporation Cyber 175. The variation in beam stiffness 
and parameters along the beam span were easily accounted for in the inelastic © 


range by using the finite. method to solve equations 
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BUCKLING OF F BEAMS: 


E approximate tangent of elasticity; 
Critical column axial str stress; na 
approximate tangent modulus of rigidity; 
ak 
moment of inertia about beam’s x- o-_ullal 
= moment of inertia about beam’ axis; 
= warping moment of inertia; 
torsional constant; 
bending moment; 
= ultimate buckling bending moment; ae 


7 bending moment about beam’s S X- axis; 


vertical deflection in positive y-axis direction; 
= rotation about longitudinal Z-axis; ine 
= bending moment causing initiation of lateral deflection and twist; 
= post buckling ultimate bending moment; = | ‘Paley 


compressive residual stress; and 


tensile residual stress. wal 


Wie 


| 

= 

(U} = Isteraldeflection vector; 

| 

| 
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OF SIMPLE ELASTIC . AND INELASTIC SysTEMS 

Christopher L. Kan' Anil Chopra,” M. ASCE 


4, Lateral and are coupled in the response e of to 
earthquake ground motion if the centers of story resistance do not coincide 
with the centers of floor masses. Assuming linearly elastic force-deformation 
relations, the earthquake response of idealized buildings with eccentric centers’ 
of mass and resistance has been the subject of many studies (see Refs. 4 and 
a 5 for an extensive bibliography). Results of these studies of linear ‘Tesponse — 
are not directly applicable to calculating. the design forces for buildings because 
& are usually designed to deform significantly beyond the yield limit dil 
‘Moderate to very intense ground shaking. Thus, there is a need to study the — 


4 response bitis the linearly elastic range of behavior of torsionally y coupled 


studies (1,7) have been concerned with one-story structures with — 


ax resisting element (column or wall) idealized by two springs acting indepen- a 
a dently in two perpendicular, lateral directions and each spring having an — 
_ elastic-perfectly-plastic force-deformation relationship. Whether it is reasonable | 
S neglect the influence oi interaction of forces on yielding behavior i isa question 


valuable concerning the of particular systems, ‘it has not 

been possible to generalize | the results and to arrive at widely applicable 
conclusions because of the many parameters affecting the behavior of such 
_ This study is concerned with systems in which torsional coupling i in the eee 

; elastic range of behavior arises only from eccentricity between center Of m ss 

and center of resistance, and with input "ground ‘motions that are uniform o 

_ the base of the structure and contain no rotational components. The objectives 

_ of this study of earthquake response of torsionally-coupled systems in both | 

elastic and inelastic ranges of behavior are: (1) To investigate the influence [i 

‘Asst. Research Engr., Dept. of Civ. Engrg., Univ. of California, Berkeley, Calif. 
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ot + Note.—Discussion open until January 1, 1982. To extend the closing date one month, 
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ASCE. Manuscript was submitted for review for possible publication on March 4, 1980. 
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parameters on the response; and (2) to evaluate er effects: ar 


deformations of individual resisting — 


Systems, Grouno Motion, ano Metxon oF 
One-Story System. —The idealized one- in Fig. l(a) consists 
. of a rigid deck supported on massless, axially inextensible columns and walls. 
: The three degrees of freedom of the system are lateral displacements u, and — 


b uy of the center of mass s (CM) of the deck, | relative to the ground, along the 


beique 


FIG. q 1 —(a) idealized | One- Story System; and (b) its Single-Element Model { 


principal axes of resistance of the structure, x andy ; and the torsional displacement _ 


(rotation) u, of the deck about the vertical axis. ee 


a 


MG Letk, and k,, represent the lateral stiffness of the ith th resisting e element (column © 
or wall) ‘along the principal axes of resistance x and y, y, respectively. Then 


“are lateral stiffnesses of the structure in ‘the x x y disections, 
With the origin at at the of mass, let ) the location of 


of the basic sy 

| 
sve 

| 


+ + 
is the oibieiaid ‘stiffness of the structure defined at the center of mass. The 
torsional stiffnesses of the individual resisting elements are not included because 
— 4 j 
The center of resistance (CR) i is point in the plan of the rigid deck through 
~ which a horizontal force must be applied in order that it may cause translation - 
ic without torsion. For a system with discrete resisting elements, the center of © 
‘Tesistance is located at d Gatences e, and e, Static eccentricities, in wi 


_ axes of resistance, the y-axis [Fig. 1(a)]; consequently, e, = 0 and wouteiesl 
_ motions of the structure in the he y | direction are not ‘coupled with the torsional ah 
motions and may be considered separately. The two degrees of freedom in 
which coupling occurs are: (1) Lateral displacement u,; and (2) torsional 
Within the range of linear behavior, the coupled lateral-torsional response 
of the system of Fig. . la) to ground acceleration along the x-axis is characterized 
by the following system parameters: e/r in which e = e, and r = radius of 
gyration of the deck about a vertical axis through the center of mass Bx!-uolerar 

in which m = mass of the deck; and the damping ratio &, assumed to be 
the same in each mode of vibration. The two frequency parameters w, and 

- @, may be interpreted as the uncoupled frequencies of the system, the natural | 

circular frequencies of the 7m if the system were torsionally uncoupled © a 


each column, the elastic stiffnesses i in 1 the x and are same. 
_ Similarly, the yield shears of each column in the x and y directions are assumed 4 
‘to be the same. Yield shears for individual columns are pupereenes to their 
_ stiffnesses. The fully plastic shear and torque for the system are V,, , and T rp as 
‘The system will become a mechanism under the separate action of } Ven at the 

Single Element Model. —It has been ‘shown (6) that the multi-element system — 
“of Fig. l(a) and the single element model of Fig. 1(b) are equivalent for purposes — 
of calculating linear response—lateral and torsional deformations u, and u, 
Gg the CM and the associated | total shear and torque—provided the values for 
the parameters w, and w,, and e/r and & are the same for the two systems. ds 

_ Raspense in the inelastic range of behavior is controlled by the yield shear 
and torque and the basic parameters of the corresponding linear system. It _ 


“has been shown © that the inelastic response of a multi-element system can 


| 
a measured from the center of mass along the x-and y-axes. ai! 
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be determined to a useful degree of approximation by a 
model with the following properties. Parameters w,, w,, e/r, and € in the linearly’ 

_ elastic range of behavior are the same as those for the multi-element system; = fta 

; a single yield surface defined in terms of the total forces for the system shear — 
V, in the x direction and torque T, defined at the center of resistance (shear 


with yield tiles V,, the same as for the multi-element system and adi torque 


in which q = a coefficient between 0.58 and 0.86 that depends on the number, 
type, and location of resisting elements in the : structure. 
_ System Properties.—Values were selected for the parameters of the : single 
system (Fig. = several values in the range 0.5 
HS sec; w,/w, = 0.8, 1.0, 1. 25, and 2.0; e/r = 0, 0.2, and 0.4, and & 


= 0.02. The first of the e/r values indicates no torsional coupling and provides 7 - 
a basis for evaluating the effects of torsional coupling. = 


_ The selected values for T, span a range of vibration periods which would 
7 include many multistory buildings. Measured natural frequencies of vibration 


of buildings (2) indicate that the ratio of the natural frequency of the lowest © ‘ 
torsion-dominant mode to that of the lowest translation-dominant mode of 
; vibration varies between 1.0 and 1.8. If these measurements were for the ; system : 
of Fig. 1, it could be concluded that wo, /w, values would be. within the range 
of 1.0 and 1.8 (4,5). Considering the one-story system of Fig. 1 to be a three 
degree- -of-freedom model to represent the three lowest vibration modes of a 
‘ _ multistory building, the aforementioned conclusion forms the basis for the chosen 
- range of values for w, /w,. Because w, /w, < 1 is uncommon unless the major = 
resistance to lateral loads is provided by a central core, and /w, >2 
- negligible torsional coupling (4), values for w,/w, were chosen in the range FE 
- 0.8-2.0. The chosen eccentricity ratios e/r = 0.2 and 0.4 represent significant 
eccentricities between centers of mass and resistance (for a rectangular building 
‘plan, e/r = 0.4 represents eccentricity of 11.5%-16.3% of the longer plan 
dimension) and e/r = 0 represents the corresponding torsionally-uncoupled 
system. Because effects of torsional coupling decrease as damping increases — 
(4), the damping ratio was assigned a value which is on the low side but yet — 
_ Corresponding to each linearly elastic system with specified parameters oO. 
e T, = 27/w,), w,/w,, e/r and €, an inelastic system is defined to have 
- same properties in its linear range of behavior. The yield shear in translation — 
is specified in Table | as the base shear determined from Fig. 2(b), corresponding — 


to the natural period 7, of the corresponding torsionally- enaongiet system and 
ductility factor p = 


Motion.—The motion considered is the first 30 sec of 
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TORSIONAL COUPLING 
TABLE 1.—Yield Shears for Inelastic Systems 


in seconds Yo 
16. sins 
0.7 
3.90 


inv ey 


“4 


» 
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MAXIMUM GROUND VELOCITY — 


2. SOOE of Valley Earthquake, 1 18, 1940, El 


7 Imperial Valley Irrigation District; and (b) Deformation Spectra for Elastic-Perfectly _ 
Plastic Systems with 2% Critical Damping Subjected to El Centro Earthquake (from 
Ref. 8): Maximum Ground Displacement, Wom = 8.28 in.; Maximum Ground ——— 
= 13.68 in./sec; Maximum Ground Acceleration, le = 0.32 g; and u, = Yield 


| 


component of the El Centro obtained the Valley 
earthquake of May 18, 1940. The ground acceleration history presented in Fig. a 
2(a) is the most recent digitization with “‘standard’’ base line correction G3). 

Hower, the response spectra of Fig. 2b) (8) from which the yield shears 
were obtained above is based on an « earlier digitization of the record with parabolic — 


with properties mentioned earlier, to the El Centro ground motion is determined 
_ by solving the equations of motion by a numerical integration procedure (5,6). 
The time scale is discretized into equal intervals, small enough (0.02 sec or 
less) to define the earthquake accelerogram accurately, and no more than a 
- small fraction (1 /20th) of the shorter natural period of linearly elastic vibration 
of the system. Within each small time interval, the lateral and torsional accelera- 
_ tons of the deck were assumed to vary linearly. For the time intervals during = 
i which transition from elastic to plastic state or from one plastic state to another — 
c occurred, the tangent stiffness was reevaluated and a predictor-corrector iteration 
procedure was used to reduce force unbalances created 
approximation to an acceptably small value. 
Response Characteristics.—Fig. 3 shows response histories for a ideale 


_ coupled system and the corresponding system with no torsional coupling, each 


analyzed for two different assumptions of force- deformation behavior, linearly 
elastic, and elastic-perfectly-plastic. Whereas systems, elastic or inelastic, with 
e torsional coupling respond only in translation, torsionally-coupled systems: 
deform in translation as well as in torsion. Deformations of elastic systems, 
with or without torsional coupling, are oscillations about the initial equilibrium. 
position. On the other hand, responses - of inelastic systems are characterized — 
_ by several increments in the plastic part of the deformation, each causing a 
shift in the equilibrium position about which the system oscillates until the 
next increment in plastic part of the deformation Saar Both the oscillatory 
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«AIG. 3.—Response of Elastic and Inelastic Systems to El Centro Earthqu 
Properties: T, = 2 sec; wo = 1. as; and § = in. = 25.4 mm) 
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os FIG. 4.—Maximum a and Torsional | Displacements for Elastic and Inelastic 


Syetems with w, /w, = 0.8 Subjected to El Centro Earthquake (1 in. = 25.4mm) 7 


FIG. Torsional Displacements | for Elastic and Inelastic — 
Systems with w, /w, = 1 Subjected to El Centro Earthquake (1 in. = noses 4 — ae 
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FIG. 6.— Lateral and Torsional Displacements Elastic and 7 
_ Systems with w, /w, = 1.25 Subjected to El Centro Earthquake (1 in. = 25.4 mm) 7 
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FIG. 7.—Maximum Lateral and Torsional Displacements for Elastic and Inelastic _ 
Systems with w, /w, = 2 Subjected to El Centro Earthquake (1 in. = 25.4mm) g 


part of the lateral Aiea t and the drift of the ‘equilibrium position due 
to plastic deformation, are affected by torsional coupling, ropaniodal 
_ Torsional coupling affects the response of elastic systems more than it affects 
- response of inelastic systems. It modifies the natural vibration periods “a 
_ and thus the response amplitude and predominant frequencies of inelastic systems 
_ For inelastic systems, the response is strongly influenced by y yielding properties 
a of the system. Even with torsional coupling, yielding of the system is controlled © 
; primarily by the yield shear because the response is primarily in translation 
~ and the system is relatively strong in torsion. Consequently, after initial yielding, 
_ the system has a tendency to yield further primarily in translation and behave | 
more and more like an inelastic, single degree- -of-freedom (SDOF) system — 
_ responding primarily in translation; thus, torsional deformations and effects of | 
_ torsional coupling on translational deformations are not as large as they were a 
‘for elastic Coo cme ped fram ore 
- Maximum Deformations.—For each single-element system defined earlier, a 
4 complete set of results including variation of response with time, were obtained 
by numerical integration of the equations of motion. However, only the maximum — 
and torsional deformations are presented. They are presented asa function 
" of T, for the three values of e/r in Figs. 4-7; each figure is for systems with © 
a fixed value of w, /w, . In Figs. 8 and 9, the maximum deformations are presented 
as functions of 7, for varying values of w,/w, but a fixed value ofe/r. 
7 a In order to ‘interpret these results, i it is useful to summarize e selected conchnsions. 


3. The effects of torsional coupling depend strongly on w,/w,, the a 
of uncoupled frequencies of the system. For systems with smaller values ues of — 7 
e/r (less than 0.4), this effect is most pronounced when w, = ea. a the CM: q 

4. For systems with uncoupled frequency in torsion much higher than in | 

translation, w, > 2w,, torsional coupling results in essentially no reduction — 
_ in base shear; furthermore the torque i is pres Proportional to e/r, indicating — 

thisi investigation wherein actual ground instead of idealized response 
spectra are considered, responses of elastic as well as inelastic systems exhibit : 
some, but not all, of the results summarized previously. af 

_ 1. Torsional coupling causes torsional deformations and modifies lateral 
échocnatinns resulting in a decrease for some values of T, but ut increase fo for — 


lateral deformations decrease for some values of T, but increase for other mo oreall 
and torsional deformations increase for almost all values of 7, (Figs. 4-7). pal wy 


4 

determined for two idealized response spectra, flat (or period-independent) — 
celeration spectrum 
tel 
I. Torsional coupling results in torque (and torsional deformation) and 
values for base shear (and lateral deformation). 

| 
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«AIG. 8.—Maximum Lateral and Torsional Displacements for Elastic and Inelastic 
-Torsionally Coupled Systems with e/r = 0.4 to Centro 
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FIG. 9.—Maximum Lateral and Torsional Displacements for Elastic an and Inelastic 
= 0.4 Subjected to El Centro Earthquake 


Torsional Coupled Systems with e/r 
(1 in. = 25.4 mm) Bae 


— 


ik For systems with w 6 7 = 2, torsional coupling produces little modification my 
in the lateral deformation and the torsional deformation is 
e/r, indicating no dynamic amplification (Fig. 
. The effects of torsional coupling—change in lateral deform ormation and increase 

‘a pila deformation—depend on w, /w, (Figs. 8 and 9) but not as strongly, 
nor in as simple a manner, as was previously mentioned for idealized response 
“Spectra. As w, / w, approaches one from above, the torsional deformation c of 
elastic systems and almost all inelastic systems increase over the entire range 
of T, considered; however, there is no consistent variation in the lateral 


AS w/w, approaches one from below, the effects ef torsional of torsional coupling vary 
ith w, /w, in an apparently unsystematic manner. 

general impression that emerges from the. is 
effects of torsional coupling on earthquake response are similar to, but not 
= simple as, those observed from maximum responses determined for idealized — 

"response spectra. Complications arise because the response spectrum of an as 
actual ground motion is irregular compared to the flat or hyperbolic shapes 
assumed for the idealized acceleration response spectrum. Torsional coupling — 
affects the natural periods of vibration of the system and thus the corresponding 
‘spectrum ordinates. Depending on the variation of the response spectrum in 
the neighborhood of tuese may increase or decrease by 


of torsionally-coupled and uncoupled systems. 


_ Torsional coupling influences the maximum deformation response e of inelastic 
_ systems less than it influences linearly elastic systems (Figs. 4-9), for reasons — 


mentioned under Characteristics.”” Except for that one — 


me 


combined effect of lateral and torsional displacements at the CM. In the a 
section the effects of torsional coupling on displacement re response at the ae, 
were studied. Results for the deformations of corner columns are presented 
and interpreted in this section. Recall that the displacements at the CM of 
_a torsionally-coupled system were determined from analysis of a single- pre 

“model of the system. For a specified set of overall system parameters, _ the — 

plan geometry did not affect the displacements CM but ‘will influence 

_ Column Deformations and Displacements at Center of Mass. 
-_- rectangular plans with several resisting elements including columns at the four 

corners, u,, and u,, the x and y components of the deformation of column % 
~< (displacement of the top of the column relative to its bottom) can be expressed — j 
in terms of u, and u,, the lateral and torsional displacements at the simply 


from the of displacement (Fig. 10) 
ft), 


| 
q 
| 
Errects oF Torsionat Couptinc on Cotumn DEFORMATIONS | 


wh 


10— Rectangular Pan an Plan and Its Cook 


The total vector deformation of the column i box 


“It is necessary to examine the results for only two columns, say column l 


| 

td 

i 

Column | is located closer tothe CRthaniscolumn 4, 

Response to Static Lateral Force.—To aid in interpreting the results to be a an a 


presented later for c column. deformations i in torsionally-coupled systems subjected. 
, to earthquake ground motion, it will be useful & consider first the effects: 
of a static lateral force, V,, ‘applied at the CM. e resulting 
of the | four cokumns,. expressed as ratios with u,, are given by Eqs. 7 


8 wherein it can be easilyshown oi bemaide stow 


a viey ow! $\9 9, gplev boxit 


u depend only on ‘the dimensionless parameters e/r, 
and a/b. They ar are Presented a as for values" 


FIG. 11 of Corner to Lateral at cm 


g pbs and a/b (Fig. 11). If the system is torsionally uncoupled, u,/u, ol 
1, differences between this value and those presented in Fig. 11 may therefore _ 
- be interpreted as effects of torsional coupling on column deformations. Torsional 
coupling causes an increase in the deformation of the column farthest from 
the CR but generally a decrease in the deformation of the column nearest the 
CR. Torsional ‘coupling h has effects, i.e., increases and u , 


7 
q | 
a 
=4 TORSIONALLY UNCOUPLED SYSTEMS =O 
LJ a 
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decreases,» with increasing e/r for fixed a/b and with increasing a/b for fixed 


b were obtained in the preceding section for several values of the system parameters: 
A , @, /w,, and e/r. From the history of displacements at the CM of each 
system (specified T,, ,/ w,, and e/r) deformations of corner columns were 
Zee by applying Eqs. 7 and 8 at each instant of time. Ratiosu,,,/u.,.. 
in which u,,,andu,,, are, respectively, the maximum values of displacements | 
during the ‘earthquake at column i and at the CM, were then computed for 
_ Several different values of the aspect ratio a/b of the rectangular plan. Stiga < 
Results for systems with w, /w, = 2 are presented as | functions of T, for 
a fixed value of a/b and two values of e/r (Fig. 12) and for a fixed value 


ELASTIC | SYSTEMS INELASTIC SYSTEMS 


- doe -element system to > the El Centro ground motion acting along the x-axis i 


we 


| DUE TO STATIC SHEAR 


FIG. 12.—Ratios of Column Deformation U jm, tO Lateral 


at CM for Systems with a/b = 1 and w,/w, = 2 Subjected to haa Conte — << 


acting at the | CM. Whereas ‘these a are of the u,,, values 
obtained from response to earthquake ground motion are not. This dependence 

on T, is, however, weak, and is associated with changes in earthquake responses _ 
due to changes in vibration periods caused by torsional coupling. Torsional 
coupling causes increase and decrease in the deformations of columns farthest 
and nearest, respectively, from the CR (Figs. 12 and 13) and the effects of 
torsional coupling increase with increasing e/r (Fig. 12) and increasing a/b 
(Fig. 13). These effects are similar to those observed in systems subjected ; 
to static force. It is therefore concluded that for systems with « w,/w, = 2 


| 
| 
q 
| 
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ee is consistent with the one of the londbine section, indicating that 
3 for systems with w,/w, = 2 effects of torsional coupling on displacements — 
at the CM are similar whether wey are due to earthquake motion or static | 
In Figs. 12 and 13, the effects of torsional coupling on deformations of corner Es 
‘columns are less for inelastic systems than for elastic systems. Because the 
yield torque increases with the square of w, /w, (Eq. 6), systems with w/o, 
; 2 are relatively strong in torsion. As a result, it is the yield shear that controls 
the initial yielding, and subsequently the system has a tendency to yield further 
primarily in translation and oe more and more like an inelastic, single 
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13.—Ratios of Corner Column Deformation 


to Lateral Displacement u, 


degree- -of-freedom system, , responding primarily int translation. Thus, the effects 
of torsional coupling on column deformations are not as large as they are for 
The deformation ratios u, are presented for systems with w, , 
las functions of T, for a fixed value of a/b but two values of abe (Fig. 
14) and for a fixed value of e/r but several values of a/b (Fig. 15). As ee 
in the preceding section, the effects of torsional coupling are especially pro-— 
nounced for systems with w, = w,, and this is reflected in the results for | 
column deformations, i.e., U im | com , are considerably different than one, the — 
value with no torsional coupling. It is of interest to compare the ratio u,/u, 
obtained nom deformations d due to: bade A ‘Static: lateral force through the cM 
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at cm for Systems with a/b = 1 and w,/w, = 1 Subjected to El Centro Earthquake 
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FIG. 15.—Ratios Corner Column Deformation u, to Lateral 
i for Systems with w, /w, = 1 and e/r = 0.4 Subjected to El Centro en 
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TORSIONAL COUPLING 1585 
ig. and Q) earthquake ground motion (Figs. 14; and 15). Whereas in the 
former case the u, /u, sate is typically smaller than 1 and Us >u, (Fig. 11), 
in the latter case u,/u, > 1 and for some “systems u, .< int a consequence — 
“of the large ‘earthquake-in -induced torques in systems with w/o, = 1. The 
deformation ratios u,,,/u,,, tend to increase with e/r (Fig. 14) and also have | 
some, but not consistent, tendéncy to increase with a/b (Fig. 15). aah 
_ For systems with parameter values w, /w, = 1 and e/r = 0.2, torsional coupling _ 
affects column deformations i in inelastic systems less than column ae | » 
in elastic systems (Fig. 14). This result is similar to the one observed earlier 
for systems with =2 (Figs. 12 and 13). However, inelastic systems 


can be affected toa greater degree; witness the large peak in the neighborhood © 
of T, = 1.6 sec for systems with e/r = 0.4. This very pronounced effect 


ire 


ot 
ds 


hae 
to Lateral Displacement Um 
s cM for Systems with a/b = 1 and e/r = 0.4 Subjected to El Centro Earthquake 


.* and u, in this particular case, causing their maximum values to | occur almost 
As noted in the preceding section, ‘the effects of torsional coupling on u, 

and u,, the lateral and torsional displacements of the CM, depend on w,/w, 7 
ina a complicated manner. Because column deformations u, depend on u, and 7 ' 
Variation of deformation ratios ,,, /u ,,, With We. /w, is similarly complicated 
(Fig. 16). Because of torsional ‘coupling, column deformations can be —. 

a factor as large as two-three for systems with w, /w, = 1 (Fig. 


| 
Wy /w,=0.8 
7 7 


effects of torsional coupling on the maximum response of 
— inelastic systems are, in | general, qualitative terms similar to those for elastic 


with few apparent ‘systematic trends. The m more important of these effects may 
ee Torsional coupling causes torsional deformation in the system and modifies, : 
increases, or decreases » the lateral of the ‘system. Deformation 


2. The effects of torsional coupling depend significantly on w, /w,, » being 
most pronounced systems with this ratio close to one. Variation of these 
with w, /w, na “neighborhood of = 
_ representative of properties of 1 many buildings, and generalizations do not SS 
possible. It is only for the relatively larger values of me /w, that these effects — 
ane simple and easily generalized. For systems with w, /w, = 2, lateral defor- 
2 mation is essentially unaffected, , torsional deformation is proportional to e/r, — 


indicating no > dynamic amplifications, and deformations are 
decreased, r 


3. For systems with w, /w, = 2, these effects of torsional iil on system 
and column deformations increase with increasing e/r and a/b. For systems © 

_ with smaller values of w, , /, 5 the effects of torsional coupling depend « on mm these 7] 
_ parameters in a complicated 


_ Because the response is primarily in translation and most buildings are sirens - 


> 


after initial yielding, the system has a tendency to yield further primarily in 
translation and behave more and more like an inelastic single-degree-of-freedom 
system, responding primarily in translation. Thus, torsional coupling | generally — 
_ affects maximum deformations i in inelastic systems to a lesser degree compared © 
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following are used in this paper: 
dimensions of rectangular building plan; 
= / Static eccentricity, distance measured fr center of mass to 
centerofresistance; § = 
= ‘Static eccentricities, distances measured f from c center of mass ‘do. 


-and y-axes to center of resistance; | 


translational stiffness of structure in x and y directions; 
Na Ss. = _ torsional stiffness of structure defined at center of mass; ye. 
wk, = lateral stiffnesses of ith Tesisting el element in x and y directions 


+= coefficient relating yield torque to yield shear; 


ke radius of gyration of 
T. torque defined at center of resistance; 

= Plastic torque defined at center of 

— uncoupled translational period in x direction; 

u im = maximum value of u,; 


. u, = displacements of column i in x and y directions; 


horizontal displacement of center of relative to ground, 


= maximum value of u, 
uy = yield displacement i in is 
U, = rotation of deck about vertical axis; vary] 
= Maximum value of u,; 
ass; 
= uncoupled translational circular fre: frequency; and 
= torsional ‘circular ‘frequency. 
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column or resisting element number; 
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APPROXIMATE METHOD FOR LATERAL LoaD 


All C. Mortelmans,’ Guido P.J 


— buildings are almost exclusively planned as residential or office blocks, _ 


a both. Floor live loads are typically small compared to dead loads. Under 
the influence of dead and live loads, a nonsymmetrical structure ‘can undergo — 
horizontal displacements which are small compared to the horizontal displacement 
of the floors under wind loading. The higher the building, the more sensitive 


it becomes to wind action. These wind actions are carried by ‘‘wind stiffeners” 

such as elevator shafts, staircase walls, and transverse partition or gable odie. 
‘Without stiffening the dimensions of the columns increase to such an extent 

that they are no longer justifiable from an ar architectural point of view. 4 ty 2a 

‘The placing of the stiffening v walls in many cases disturbs the symmetry in § 

the plan of the structure. Fig. 1 shows a typical example of the disposition 


_ The transverse stiffening is obtained by means of the ‘staircase wall S, the — 
elevator shaft E, and the gable wall W. Assume that the length of the building 
is large in relation to the depth. . The wind direction | is perpendicular to the 
longitudinal wall; h = = - the uniformly distributed wind load per unit of area. 
. For each floor R is the resultant of the wind forces. ae ee aa 
a Consider a building with an asymmetrical distribution of the stiffnesses in 
- (Fig. 1). Under wind load this building translates in the y direction and 
the floors 1 ‘Totate in the yor plane. Consider first the distribution of column 


of the asymmetrical stiffness distribution ‘the 1 transverse forces in 1 the ‘columns 
walls of a given floor are also distributed The resultant 
’ C, at a distance e from 


"Prof. of Struct. Engrg., Struct. Engrg. Dept., Katholieke Universiteit Leuven, Belgium. 

* Leet ., Hoger Instituut de Nayer, Mechelen, Belgium. 

*Prof. of Numerical Analysis of Structures, Katholieke Universiteit Leuven, Belgium. bf 

= r Note.—Discussion open until January 1, 1982. To extend the closing date one month, 
’ 8 written request must be filed with the Manager of Technical and Professional Publications, 
= ASCE. Manuscript was submitted for review for possible publication on April 17, 1980. 
This paper is part of the Journal of the Structural Division, Proceedings of the American 

Society of Civil Engineers, ©ASCE, Vol. 107, ST8, 1981. 0044-_ 


4 
| 
| 
a center of the longitudinal wall. The position of the shear center can vary 7 
: from floor to floor. A true translation in the y direction is only possible if — 


au 


on floor the mom: the torsional moment T= e is compensated. 


From this it follows that the building undergoes a rotation under the action 
of the torsional moments 7. Considering this twisting phase separately, we 
“Rote that the rotation of each floor takes place round its own twisting comer, — ; 
‘ which generally does not coincide with the shear center C of the bending phase. & 
If the twisting phase is to be analyzed, the location of this center of twist 
4 indispensable. This leads, however, to a nonlinear system, which can 
solved, for instance iteratively (2,5). 
_ These difficulties are obviated by a global treatment of the bending and twisting 
| phases in one process of calculation. For buildings in which no torsion can 
. occur (e = 0), a simple but accurate approximation method for the analysis — 
of bending of symmetrical high-rise frameworks under uniformly distributed J 
Ww wind loading has been developed by Mortelmans sasha = generalized for frame- 


foi 


te FIG. 1 —Asymmetrical Disposition of Transverse Stiffeners 


_ works in which the column sections and the wind pressure need not be — 


over the height of the building (4). win ha 

- Reported herein is an approximate calculation method for the combined bending b 
= and twisting of long, high-rise buildings under wind loading. The method reduces | 
3 to the solution of a linear system of four equations with four unknowns, which 


enables the ennai £44 of all bending and twisting moments in any element 


— 
‘Approximation MetHoo Proposep 


* prere erner —The method proposed i is based upon the f¢ fi ollowing ng assumptions. 7 


1 The: uniformly distributed wind loading acts perpendicularly to the longitu- 


walle 


| bv 


2. The material is homogeneous and linearly: elastic. 
Ps _ 3. The column and wall sections are constant from the foundation to the 
‘Toof. The section can, however, vary from one column (wall) to another. Hey . 
bal The cross beams of the floors between two columns of one frame all — 
: 5. The floors act as diaphragms which are rigid in the horizontal plane. ~~ 
6. The story: height is constant (A). 
7. All columns and walls are fixed at the foundation. fe Vo. Bw . 
"Bending Theory for Symmetric Framework. first a single plane f. 
as shown in Fig. 2. It has m + 1 columns. 


the 


«AG. 2. —Plane Frame ame 


a 

Let J,,1,, 
Ot 2 ond 

as shown i in Fig. 2. The moment of in inertia of each horizontal ‘member i is J. 

ie Assuming axial deformations are negligible, all connections of any given member 
undergo equal horizontal displacements y due to the horizontal wind loading © 

Ok. Since for high-rise wages the number of floors is large, it may be assumed 


=. 


o as shown. in n Fig. ae The line of deformation of all columns is "practically 
“the same, because the height of the floor \ is small in relation to the total 


& 


{ Aj B i+1 
4 point of contraflexure 


“height the building. In the on relaxation of nodes a method will 
described to take into account the additional deformations, due to the difference 
oe At the midpoint of a member between two successive columns there is formed _ “ 
a om of contra flexure B, where the cat csplacement is zero. At 
This sbeinias M oa as an a action on each of columns i — | and i. 
7 the number of floors is is great, these moments can be Say we me 


val ont External Actions on dx 
height of the floor A this 
§6respective . Thus the distributed moment acting on 


L, 


o | 
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- Eq. 2, and using M, = -EI,(d’y)/(dx’), Eq. 3 can n be. written 
dy 


For any x, the the displacement y for all columns is the same due to the rigid 


diaphragm assumption. The derivatives (dy )/ (dx) and (d°/y)/ (dx° are then 
: equal for all columns as well. ‘4 


_ Summing the equilibrium equations | (Eq. 4 for each column (at the same 


distance x fi from th the gives ‘wig is "wWoiked 


This line of reasoning is now extended to all frames of the complete framework. 
If the framework is cut through horizontally at a distance x above the foundation, | 
then from the horizontal equilibrium of the part above: the cut it follows at oF 


ay 


In Ea. 6 h re represents load per ‘unit height. ‘6 


a. 


whe 


it Eq. . 7 simplifies to 


Note that a is dimensionless. ess. 33 
z The general solution of this differential equation is 


a 
= 
Tee 
q 
(13), 


re 
"conditions may be as follows: for x = 0 = 0), 0 and (ax) 
= 0 (or (dy)/(da) = 0; and for x = H (a = a«,): = (or (d? vida" oy 


: If these integration constents 8 are introduced into E 13, then the displacement 
& p 
of the framework can be expressed in closed rie as a function of a (and 


M,= 

_ The exact ‘moment aaare for = given ‘column (i) as shown in Fig. 5 
could be determined from the knowledge of the rotations and becizetal 


_ A “smeared out”’ moment diagram M,. for column ican be calculated from 


4 
DT 
ps 
bending moment in the now be derived 
al 
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; ‘Thus ‘the smooth curve ABCDEFG is obtained (Fig. 5). At the height of the 
= |BB,| = 1/2 |AM,]|, are plotted, respectively, _ 
: ‘to the right and to the left of the point B on the curve; AM, = the sum of 3 


wy _ the bending moments at node i for the beams meeting at this node. Thus the 
well known ‘ 


‘saw-tooth” line AB, B,C,C, , ... is Obtained as the final moment S 
diagram. For practical purposes this. simple method appears to be sufficiently — 
accurate. In Refs. 3 and 4 the method is worked ‘out for various typical frames | 
of Nodes. —So far it has been implicitly assumed that the column 


FIG. 6.—Additional Deformation Due to Relaxation a 


we shave calculated a smooth curve going through all these points of contraflexure. 
Subsequently the question arises as to what’s the relation between the real 

3 rotation @, of node A and the inclination (dy)/(dx)A of the smooth curve. — 
In Fig. 6 the assumed points of contraflexure in columns and beams are indicated. | 
The relative iteanaabbaaumas of A’ and A” cause the ' following fixed-en end moments 


while relaxation of A gives sthe result 


_ the beams acts continuously on the columns. However, in consequence . 
of the fact that the members do not act continuously, additional deformations 
_ develop. In fact, the deflection curve y is an oscillation curve with points of 
develop. In fact, the defl h f 
| 
al 
a 
i 


This for I, > or = 
calculations were good, as far as the column stiffness is great in comparison a 


to the viet - stiffness. The moment of the member to the left of the A 


(2 
| This | equation replaces Eq. 1. Everything happens as if the 1 moment of inertia 


of the member to the left of the column i is equal to to 


i+! 


2] —— 


is easy to see ‘that “the moment of inertia ‘the m member 

_ bay to bay. Let J, be the moment of inertia in the bay with the length Ly 7 


7 However, for cath ts bay tl the m moment of inertia of ‘the member must be ‘equal 

Bending an and Twisting o of Long, Nonsymmetric Building. —Givena nonsymmetric 

_ structure, as shown in Fig. 7, over the length of the building there are m plane a 
frames. If the building is long, everything happens as if each plane frame under 
the influence of wind loading deforms in the y direction and rotates through 

As the floors are assumed rigid in the horizontal plane, all plane frames - 


and consequently all columns at a given “a rotate through the same angle a 


w. The resulting y displacement of frame / is 


in which y, = the displacement of frame 1; and Zz, 


1 to frame j, measured parallel to the longitudinal wall of the structure. The 


general equation for ad frame jis 


| 
1 
| 
ge, —= - 
and for the m s equal to : @ 
+ — + | 
‘ 


= 


prow a horizontal cut at a height x above the foundation (Fig. 8) it follows _ “aT 
(H x)hL Me 
introduction of Eq. 29 in the resulting equation, ‘leads to 


qn bos 


8- —Distribution of Forces at Height. 


| 
a 


we multiply Eq. 25 with Zz, and sum for all frames, secording to we 


z The total resisting moment of torsion rom t 
GOKk—.... 33) 
in which G= the : shear modulus. The two equilibrium conditions lead to oe 


two simultaneous differential equations (Eq. 30 and Eq. 31), which, conside 
32 and Eq. 33, can be written 


dx dx 


— x)hL; and C’ =-—(H -x)b- 


and in introduce the D= d/ (dx to reduce 34 ‘and Eq. 35 to to 


D? + B’D)y, + (A" w ic 


Solution of System of Differential —The following transformations 


Define A = ES 1; ys: A’ 
a) 
b) 


make the coefficients the unknown functions of of differential 
De 


A 
=1, 1 a 
vase CH° adr Reawiod, isa te 


Lye 


696) 


The system (Eq. 37) becomes 
+ bd’ yi ta’ D’ 
+b’ D + +(a" Jw’ 
_ This system of two cubic differential equations becomes cues the operation , 
x + b’D) — (39b) x + bD’) an equation of the sixth 
ba” - b")+(b" - - bb 


D’*(D'*(a"* a”) + D"(2a’ 


his differential equation has the solution a 
ef2” . e —d,x' 
“+ + Cs + Cre 2 +0 


(—2a’ b’ + b” + ba’)? — 4(b'* — bb” Ya’? a” 


4 -2a'b’+b"+ba” 
| 
Theee roots are real. The. particular s solution | 


2 


An analogous solution can n be for 1088) x 
3 


=K,+. 


x (a’ 
vor 


i 
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= 


‘The ‘substitution of w’ (Eq. 40) and y’, (Eq. 44) in Eq. 39a and Eq. 395 


- gives a series of relations between aed coefficients C and K, which can be 
reduced tot the six 


dhe 
-K, 


building is symmetric, the in Ba. and is zero 


b=a'd; + 
For a symmetric building» 


Thus it follows that d, in Eq. 50 and Eq. 51 is zero. on ~ 


_ The six remaining coefficients C,, K,, Ki ks K,, K,, and K, can be determined sf 

| x’ =0,0'’=0; C, +C, Cy +, +C, =0 


“This e equation determines K,. Also 


aii 


| 
4 
the 
4 
4 


or, converted according to the coefficients K: 
+ K,d,d,=2r, 
als 


dx’ 


+d, dye 


| ?. 
nt 
‘q 


dx! 


=>- _ The fifth and sixth conidia conditions result from the distribution of member 
7 moments over the column bey: ne Finally, a system of six equations with six 


_ unknowns is obtained (K,, K,, K,, K,, K;, K.) (Eqs. 47, 58, 60, 61, 63, 
— 65). These six equations can be converted into a system of four equations 


(4B = B), as K, results explicitly from Eq. 47 and K, for Eq. 58 can be 4 
_ expressed as a function of K,, Ye K,, and K, . The coefficients C can . then 
™ determined from Eqs. 48, 49, 50, 46, and 57. 


‘Wart, 


| 1601 

| 4) 

— 

4 


Derivation of Internal Actions. —Considering y=y,+ the internal 


(L dy 2, dw’ \ 
\H dx’ dx! 
L d*w’ 
_ As mentioned before, the eeneee change in the column due to the member _ 
moments is distributed equally over upper and lower column. The twisting : 


2 + (72) 


using Eq. 36. J 
4 2 . Convert into dimensionless quantities « a, a’, a”, b, b’, b” using Eq. 38. 
| 3 Calculate the auxiliary coefficients: r, (Eq. 43); r, (Eq. 45); d, (Eq. 41); 
: d, (Eq. — 42); d, (Eq. 48); and d, (Eq. 51). For a symmetric building d, 
Pm 4. Using t) the coefficients determined in items 2 and 3 establish the e coefficient 
matrix A and the column matrix B of the system AK = B in the unknowns 
K,, K,, K,, and K, (see Eqs. 60, 61, 63, 65). 
_ §. After the solution of this system of equations the other cc coefficients are arc 
"found: K, (Eq. 58); Cy (Eq. 48); C, (Eq. 49); Cs (Eq. 50); C, (Eq. 51); Cy 
6. The fenctions yi and w’ are now computed from Eqs. 40, 43, 44, and 
45. The derivatives can, be calculated: (dy{)/(dx’), (d’y 
7, From the data calculated under item 6, all internal actions can be rer es 
‘from 66, 67, 68, 69, 70, 71, and 72. 


4 
T.=—— 
‘and N. ax’) 
= , | 
| in which Pp — —— 
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% The accuracy of the approximate calculation was checked by means of a 7 
‘computer assisted calculation, based upon the displacement method (6,7), adapted _ 
to the specific character of deformation of longitudinal multistory buildings. — 


ontal beam 


4 


= 


§ 


frames 
fl t 
floors 


1. 11 —Detnton of Influence Coefficient ond 
The floors were eine rigid in plane. This was simulated in the program | 
~ connecting the successive plane frames with rigid frontal beams (Fig. 10). 
_ As the first step the y displacements were calcvlated for each frame (I-m) 
_ “(under the influence of a unit load acting at the height of each floor (Fig. 11). =f 
_ This calculation was carried out by means of the displacement method. The 


displacements « of the floors are the influence coefficients i, for the 


| 
— 
& 
ow 
ia 


‘displacement y y on n@iee: t, when ‘the —. on floor . 5, s, if the frame jis 
isolated from the rest of the building. The real interaction forces P, , between Sh 
the frames and the front beams provide the satisfaction of the compatibility 7 : 


t=1... MV), (frames: j=l... 
When a a twisting moment T(s) = 1 acts at the height of floor, s, the angular . 
displacement of floor, t, is equal to i, (t), = \/(GK)a in which a = ¢ if 
= s;az=s if t > s; \ = the story height; and GK = the total torsional — 
stiffness of all the vertical members. This angular displacement is the influence 
§ 
_ coefficient | for the twisting rotation of the floors. A second series of compatibility 


conditions can be written for the | torsion 


The torsional moments, act at the height of the floors so that the resulting _ ‘ 
_ twisting moment at a given height is equal to the sum of all T, on the floors 
_ which are situated above the level considered. In addition to the conditions — 
- of compatibility, the conditions of — of forces must be satisfied as 
The horizontal equilibrium is expressed as = 
q Pp 


a” 
in which 8 = the Kronecker delta fe) =lift= 


_ torsional moments is written as follows with — to the reference point: nee 


one and the number of frames s S. The “solution of this provides all the 
- data which serve for the checking of the cnnenty of the approximation method. ‘ 
, _ The approximation method was applied to a high-rise building whose a 
qt is shown in Fig. 12. The framework always consists of nine frames, in the 
s @6©tthira of which the elevator shaft is included. All columns have as dimensions 
0.70 m xX 0.28 m and the horizontal beams 0.2 m x 0.4 m. The lift shaft z 


-measures 6.5 m X 4 m and has a wall capeenes of 0.18 m. The story height 


he c 


is 3 m. In the calculations the elasticity n us E = 25, 000 N/mm’, and 


\- 
— 
Eqs. 73, 74, 75, and 76 form together a system of linear equations in the unknowns ; 
y,(t), w(t), P, i and 7(t). The parameter ¢ can take all values included between _ . 


the G modulus = 10,417 N /mm?. The distribution of forces in ‘the ee 


was calculated under a wind load h = 1 
_ The accuracy of the approximation method (AM) was derived through a 


ms comparison with the displacement method explained in the ‘‘check’’ section. 


For this purpose several structures were constructed on the groundplan (Fig. 
12) with decreasing heights and different relative | stiffnesses, | with a = to 
checking the widest possible practical field of application. + Se 

_ Influence of Building Height.—Successively buildings of 10, 8, re coal 4 floors 

~ were analyzed, each time according to the approximation method and the stiffness as 

‘mated (SM). As described previously, the calculation starts with the determina- s 
tion of the translation y, of reference frame | and the rotation w. The displacements ; 
y, and w as functions of the number of floors : are » plotted in Figs. 13(a) and 
136). The small circles are AM results, the solid line indicates SM results. onl 
im From eight floors upwards the difference is 1%-2% while for low buildings | 

- the difference is less than 10%. In addition to the displacements, the internal 
were also tested fe for their a ten the bending 


be 
— 


column 1 
FIG. 12—Plan of Building u under Consideration 


of the bending moments in the wall column of frame 1. Fig. 14(b) shows the 
curve of the bending moments in the elevator shaft. The small circles give, 
as before, AM results and the full line gives SM results. Here also appears | 
to exist a very good agreement. This is made still clearer by the values in 
Table 1, in which the bending moments in the wail column (Fig. 12) of frame 
9 are recorded in the case of a decreasing number of floors. At the greatest — 
moments, those at the foundation, the difference is small (5%-7%) even with 


Influence of Showed Stiffness Proportions. —As shown in Fig. 12, the elevator 


7 "shaft provides an important contribution both to the bending and the torsional = 
- stiffness of the building. Due to crack formation these stiffnesses can change | 
- significantly (7). A good approximation for the change of bending rigidity as | 
a result of cracking is a reduction to nearly one third of the original value, 
_ and for the torsional rigidity a reduction to one tenth. In Fig. 15 the displacements 4 
w shown vn for ten-stor with a a plan according to 


v 
| 


changed. The accuracy of the approximation method is again shown to be good. i 


vis 


° 


im 


—(a) Bending Moments i in a Visine 1; and (b) Bending Moments in Elevator a 


When the moment it of inertia of | the ‘Shaft decreases (cases 


in 

| 

q 

in this case the influence of the normal force deformation becomes wale 
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- fi: to one tenth of the original | value. Iti is interesting to check the course a i 
TABLE 1.— 


in kilo- 4 


newon- meters 
| (2) 


Lower column| — | — —10.7 -10.5 |-16.7 |-16.8| 
— | —! 26.1) 25.5| 23.8 23.8) 18.5) 17.5) 
Upper column -64.5/-68.0 -9.7 -9.5| -2.4, -1.6 0.7} 1.9) - 
Lower column —9.5, 11.3) —6.7| —4.5) 
15.7| 152) 101] 94) 627) 
Upper column —49.0 7| 2.3) 
Beams | — | — | 8.0) 7.8) 3.3) 3.2) 


Upper column ST —6.3) —2.1| —0.7) 1.3 


q 
= Upper column 8.3 
Lower column 


L) Hed? x 


_ The er ag course of the torsional moments, calculated with the stiffness method 
(SM), is due to the fact that in this method we make concentrated torsional 
moments act at the level of the floors (see the ‘‘check”’ section). The accuracy 
of the approximation method for the shaft is somewhat better than for the © 


ste 
which is not 
— 
Stories AM SM 
— 
1 
| 
my 
thee: bending and torsional moments in this shalt. in Tadic 2 these bending 
moments are represented, whereas the twisting moments for the stiffnces 


Moments 


Box 


Moment, in 
7 
kilonewton-meters | 
Lowercolumn 
Beams 
Upper column a 


Lower column 
ji te 


Uppercolumn 


Lowercolumn 


Box K/ K/ 10, 1/3 Upper column 


ms 


_An approximation method for the calculation of long, high-rise buildings under 


- petinontal wind loading has been described. The calculation of the displacements 
and the internal actions is reduced to the solution of the linear system of rl ¢ 


at 
> —10,773 | -6,185 |-6236 ## 
| 6176 | 62270 
ten. 
Box K,J/3 7,801 | -3,710 | 3,756 
‘Box K/10,/_ -9,238| —9,256 | -5,307 | -5,348 
~3,395 
3379 
16.0 
| 
FIG. 
of Tq 
a 
4 
» 


15.0 


‘stiffness method, 0 


calculation of the great number of coefficients is on a programmable 
pocket calculator. Although these calculators are much slower so that the 


_ calculation takes several minutes, i are much more acc accessible, especially — 


The "determination of the actions is limited to some very ry simple 


operations. Despite its simplicity, the method leads, however, to very accurate 


results which is amply proved in the examples appearing in the example section. <;. 
‘The method can be applied irrespective of the height of the building or the | 
relative bending and twisting stiffnesses of columns and beams. We think that of 
_ the simple “approximate” calculation method can compete successfully with 


‘so-called ‘ ‘exact”’ such as, for instance, the stiffness or force 
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By Telvin Oo. Jirsa, M. ASCE, 


: = splices under static loading. Loading rates on were used can occur under 

_ The main variable was the loading applied. Failure was achieved by either 
a single impact load, incrementally increasing impact loads to failure, repeated 
unidirectional impact loads at fixed levels, and Tepeated reversed impact loads — 

4 at fixed levels. The load-time curve was a _ ramp function, with the peak at 
less than 4 msec. Beam cross sections and tensile reinforcement were not varied. 
Three different splice lengths were investigated. Transverse reinforcement was — 
provided in the splice region in some specimens. 

Splice performance was evaluated according to the strength and toughness © 
exhibited. Toughness was examined in terms of number of "cycles of of loading = 
and the deflection sustained prior to failure. 

Test Specimens.—Details and notation of all specimens are summarized . 
‘Fig. ‘1 and Table 1. All beams were 15 in. (380 mm) deep by 17 in. (430 mm) 
wide reinforced with two No. 8 bars. Splice lengths investigated were 18 in., 
30 in., and 42 in. (460 mm, 760 mm, and 1,070 mm). Beam dimensions, tensile — 
Bet. Td and splice details duplicated four beams tested statically by Ferguson 7 


and Breen (4). The four beams denoted as the RS series (reference static) with 
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7 
f 
, 
. 7 tested under dynamic (impact) loading and the behavior was compared with | 
that under static loading. The purpose of the tests was to determine whether — 
7 
: 
| 


one one additional beam tested statically in stically in this program | program provide the tests ¢ tests against 
_ which the beams subjected to impact loads are compared. __ en 
With concrete strength of 3,500 psi (24 MPa) and steel yield stress of 60 
ksi (410 MPa), , the American Concrete Institute (ACI) (1) specifications require — 
a splice length of 44 in. (1,120 mm) for a class C splice (all bars spliced, stress — : 
«greater than half the yield stress) meeting the requirements of ACI section o 
2 5(d) foe static loading. For the same conditions, the approach suggested by _ 


EXCEPT POR ‘SPLICED 


ORS BEAMS 


BARS *S BARS 
Lee 


(a) BEAM CROSS-SECTIONS 


(b) LONGITUD 

LONGITUDINAL DETAILS-SIDE al al bablvew 


ods ben 


(c) SPLICE Lay our- VIEW 
TOTAL BEAM LENGTH © 12'-2,14'-10" OR 17-6" 


FIG. 1.—Specimen Details (1 in. = 25.4 mm) abe 


_ Ferguson and Krishnaswamy (5) results in a splice length of 43 in. (1, 090 mm). 7 
Most specimens tested under impact had splice lengths of 30 in. (760 mm). = 
; a was expected that a 30-in. (760-mm) splice would develop yield under static 
loading but not under impact and would not allow large deflections before failure. ad 


7 
_ Loading System and Instrumentation.—The dynamic loading system shown — 


in Fig. 2 consisted of a structural steel frame which supported a 2,600 Ib (1,180 © 
__ kg) weight which was dropped on the test specimen. . Vermiculite concrete cushions 
7 (Fig. 3) were placed at - two symmetrically positioned load points to receive = 


a 


| 


“" yr forcing functions with 1 rise times of about 4 msec. A typical force-time - 
te from i impact on a similar bet stationary vermsicgies concrete cushion = 


‘strength, Concrete 
strength, 
in pounds Age at 
per square | testing, 
inch in days 
(4) 
ig 


Cyclic loads (impact) 


C: repeated loading 
| CRI: reversed load-splice one 
face 


CR2: reversed splice 
_bothfaces 


3340, 
“Notation following splice length indicates several tests with same details; S = static a 


test for reference in C series; and T denotes transverse reinforcement in hath sl 
ag Note: 1 in. = 25.4 mm; 1 ksi = = 6.895 MPa; and | psi = 0.006895 MPa. oe ee 

_ constant between the load points under the impact loads imposed. Inertia effects 
eee the moment by less than3% alongthe splice, 
_ Instrumentation consisted of strain gages along the splice (generally at the § 
- Splice ends and center), load cells at the reactions, and DCDT deflection gages 


positioned at the load points. Mechanical dial gages were used to measure residual z 


= 
4 
IM | 42 | _ 3,260 a} 
| 4 3,260 | 21 | 
3,330 | 100 | 
— Co} 3,400 | 30 
| 183 3,400 | 31 
c | 301 4060 | 68 
(30-2 4,060 | 69 
Cc | 3,820 | 64 
- 


forces through | the vermiculite the load points 

_ were not monitored because the instrumentation necessary to do so was not 

available to the study. The moment on the lap splice under impact — 


mm 


2.—Dynamic Loading System | 
was obtained from the strains recorded in the r reinforcing bars | along | the “an 
In addition, it was found that the reaction forces (which were measured) could 


be used to estimate the moment existing along the splice. The or was rs 
a by pin and roller assemblies which Tested on large | load cells. 


&§ | 
«@ 2 
q 
| “SS NLA 
= if Si 
lin 
| 


Results. and deflections were recorded on ‘magnetic 
tape a and reproduced using a light-beam oscillograph. Typical results for selected _ 
_ Fesponses are shown in Fig. 5. Each channel was calibrated prior to each test. 

_ A vertical line gives magnitudes of all responses at the time instant selected. _ 
ae. —The reactions showed an overall sinusoidal shaped response 

(fundamental vibration mode) on which higher mode vibrations were superim- — 
a. Analytical studies (10) shown in Fig. 6 indicated that the higher mode — * 

_ Vibeations could have been caused by a combination of effects including rapid 


CONFINING 


VERMICULITE 
CUSHION 


FORCING : 
FIG. 3. Detail 


ad TIME (ms) 
FIG. 4. Curve of Cushioned | Load (2) (1 kip = 4. = 445 kN) 
application of load which excited higher modes, minor misalignment during loading - 


which caused nonsimultaneous impact at the two load points, and inelastic effects _ 
a “such as concrete cracking and steel yielding which affected symmetry of the | 
specimen. The analytical results in Fig. 6 are for the same beam geometry - 
(modelling test beams with 30-in. splices) and three | different loading cases. | 
In Fig. 6(a), the loading rise time (TR) of 10 msec is slow with — 
the natural period of the beam (52 msec) and higher mode vibrations are not 
exched. For Fig. with af rise time (TR =2 2 mase) the third vibration 


| 
q 

ling 

= 
= 


mode is visible. "With ‘different magnitude load functions at 


times (nonsimultaneous impact simulation) in Fig. 6), a strong second mode 


vibration i is apparent in the reactions. Note that even though the reactions were _ 


influenced by variations in the load function, little change was noted in the 


From the elastic analysis, it was concluded that smooth reaction curves 


ae be drawn to eliminate the higher mode vibrations and moments in the splice 
region can t then be obtained by multiplying the maximum reaction (from the 
values which were within 5% of 


CYCLE | 
DROP HEIGHT = 


—_ 
€ 2y” = 2980 x 107 


FOR 
pata | 


=I x 
df 


DEFLECTION AT 


“ESTIMATED YIELO 
USGAUGE BECOMES UNBONDED 


aed using exact It should be noted that the approximation 
of maximum moment would not be applicable under different loading arrangement 
_ For the model beam used in the analyses shown in Fig. 6(c) with a shear 
_ span of 50 in. (1,270 mm) and a maximum reaction (from the smoothed curve) — 
Of about 27 kips (120 KN), the approximate center line moment of 1,350 in.- -kips 
: (150 kN-m) compares favorably with the theoretical maximum center line moment. 
The reaction traces shown in 5 nave been by dashed lines. 


5. —Typlea Data ( (1 in. = 25.4 ae = 4.45 kN) 


= 


typical data shown i in Fig. before impact and about 40 msec 
after impact, the beam bounced off the reaction load cell ll supports. The r reaction id 
exhibited negative magnitude at this p point : —_ the — of the beam was 
not carried by the reaction load cells. ae ] 
4 _ Strains.—Surain «6 shown in Fig. 5 is typical ofa bar which does not yield 
-s the gage location. Strains €l and «2 are complicated due to yielding which 


the The magnitude of the dynamic yield strain (where 


TR=I0.0ms 


| 
| FUNCTION, 


COMPUTED RESPONSE - RISE TIME 101 ms” 


bar 


Ts:0 

TR=2.0ms BREACTIONS- 

FMAX*12K 


MOMENT 
_MIDSPAN 


-¢ 7 


(c) COMPUTED _ RESPONSE ~ RISE TIME = 2ms 


mE ie 6. —Typical | Anabytes Data (1 in. = 25.4 mm, 1 kip = 4.4 45 kN N) 


~ bars first yielded) can only be estimated. The large dynamic yield strains (well 
above the static yield strain of about 2,050 x 10 “te estimated for strains €l 
and €2 (Fig. 5) were reasonable based on the strain rates and measured reactions _ 
. which were larger than those measured under static loading . A large residual 7 ; 
tensile strain is shown in strain el indicating yielding of the reinforcing steel. 
The gage ‘measuring strain «2 became unbonded (point Uin Fig. 5), 
_ Deflections.—The deflection response shown in Fig. 5 is typical for load 
cycles during ‘which the steel yielded. The load point deflection continued to” 


| 
fr 

 § 


in inches 
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reaction, 
in 
~ 


RW, in kips | 


2. 


—Typical Test 


increase beyond the when reinforcing steel loads peaked 
and were beginning to decrease. 

a 


or Data 


“strains were compared with thoes calculated from “‘smoothed’’ 
- reactions. For the moments based on ‘strains, bar forces were ‘multiplied by 
an effective internal moment arm which was taken as 0.9 of the effective depth - 
@). A complete tabulation of the test results may be found in Ref. 9. Averaged — 
maximum reactions, strains, and moments based on reactions and strains are 
_ given in Table 2 for ‘Specimen C-30-2T. The average reaction was multiplied — 
= Strain Teadings at the ends of 
‘the splice and at the. center r line we were used to calculate the moments: MeE, = 
MeW, and MeC. The percent variation of the moments calculated from strains 
as compared to the moment calculated from the reaction is given in parenthesis. 
In specimen C-30-2T the bars yielded in the first cycle and the gages at 
_ the ends of the splice did not operate beyond the second cycle. Gages «7 and — 
8 (Fig. 5) at the center of the ‘Splice were not t functioning | but gages Ss and 


. 21 | 2,370 | 2,780 | 2,670 

of the splice. The strains recorded during the first load cycle were adjusted 


“Along 


1,440 (4) 
1,450 4) 
1,460 (6) 
1,480 (5) 
1,520 (11) 
1,480 (6) 
1,470 (7) 
1,550 (14) 
1,560 (15) | 
1,550 (11) ; 
1,490 (12) 
te ,400 (9) 


to account for two effects of concrete cracking. After cracking the beam weight — 
Ro produced larger strains. Cracking also released shrinkage strains in the beams. 
7 4 Adjustments of 150 x 10° and 200 x 10~° were applied to strains recorded 
at the splice center and splice ends, respectively, during the first load cycle. 
A A typical gage response is shown in Fig. 7. The base line A which approximates 
_ the strain recorded by the gage prior to impact has shifted upward from zero — 
in the first load cycle to” over 200 x —10~° in subsequent load cycles. The line > 
“4 4 B represents the strain ‘reading after the impact when vibration has stopped — 
and the drop weight is resting on the specimen. 
In most cases the moments calculated from strains and fi rom reactions varied 
by 10% or less with a maximum variation of 15% (Table 2). It was observed 
that the two sets of spliced bars usually carried unequal forces at a given section — 
resulted in variation i in ‘moments if strains i in Some | of the 


Impact StrenctH of Lap Spuces aU .basnqmi oral 

a Static strength is given in Table 3 (column 5 and 6) for be tl 
Since the static moment capacities were governed by anchorage splitting f. nilases, : 


ri 
2,510 | 1,240 7 1,330 1,430) 1.2906) 13804) 
4 
i] 


the moments were . adjusted for nominal concrete strength of ft = 3,000 psi. - 
It was assumed the bond (splitting tensile) resistance of the concrete varied “ 


. as the square ‘root of the concrete compressive strength (f,« f'.). For the 4 
—*(18-in. (460- -mm) splices the variation ‘in the two static test results can be attributed 
to the large scatter which occurs in bond and anchorage tests. Scatter is especially 

with shortembedment lengths, 


The measured static beam strengths, adjusted to a concrete strength ; id 


) 3,000 psi (20 MPa), in column 6 of Table 3, exceed the predicted salhdihe 
gg on work by Orangun, Jirsa, and Breen (8) given in column 7. Differences ai 
- are to be expected, since the predicted Strengths are based on average test _ 
_ data from all sources. The measured "strengths are from 8%-13% above the 
_ predicted, except for specimens utilizing the very short 18-in. (460-mm) splice _ 
- length, where the developed reinforcement stresses are below the range for 
the > equations for predicting Comparisons with impact 


CYCLES |-9 


“Loao 


ue. FIG. 2. —Shrinkage and Self Weight Strain Correction for First Load Cycle yu, 
= are made later using the measured ‘Static beam strengths given in 


__ Precluding a splice failure, static yield moments based on an internal moment 
-= of jd = 0.9d are M, = 1,170 in.-kips (130 kN-m) for I series beams = 
= 63.3 ksi (436 MPa)] and M, = 1,110 in.-kips (125 kN-m) for all C series 7 
_ beams [f, = 60.0 ksi (414 MPa)] . Static moment capacities based on splice | 
failure (Table 4, column 2) and adjusted for concrete strength exceeded the __ 
static yield moment in twelve specimens [M, greater than 1,100 in.-kips (130 a 
kN-m)]. Under static loading, yielding of the steel would occur and prevent 
a splice failure unless the steel strength is increased by strain hardening or 
: very large deformations are imposed. Under rapid load rates, steel yield strength / 
may increase and moment capacity based on ‘Splice failure with h concrete 
the strength provides a useful reference. 


Comparison of Impact and Static Splice — —The strength of specimens 


| 
q 
| 
| 


‘a~— under impact is - compared with ‘static > strength in Table e 4. The s static 

ps~ capacity in column 2 (M,) was obtained from values in Table 3, column 

6 and adjusted for the concrete strength of f the specimens under impact 

(M,N f'./3,000 ). The expected s staticmoment capacity is based on failure governed 


‘The dynamic load was by the ine of the impacting 
weight, ine loading piston diameter, and the cushioning vermiculite cylinder 
height. In most of the tests 6-in. (150-mm) pistons and 6-in. (150-mm) te einder 
cylinder heights were used. Drop height varied from 8 in.-84 in. (200 mm-2,130 © 
mm). Full details are available in Ref. 10. 


The ratio of impact moment to static moment c capacity based on splice strength 


oe 


measured | 


yield ‘steel 
Stress, 


Predicted 
‘Speci- | square square 4 square in inch- in inch- 

RS-18 3,470 | 424 (776) 
s- 330 ty Fis 824 (776) 


060 
24 


"As per Ref. 8 for nominal f’ = 3,000 psi. a9 


ksi = 6.895 MPa; | psi = 0.006895 MPa; | in. in.-kip = 113 N-m; 1 in. 


> 4 of Table 4. The he maximum impact moment carried by the ‘beam always exceeded 


In the reversed loading studies, , the beam was turned 180° after each ) impact. 


— for: reversed loading compared to unidirectional loading. It is likely that more 
_ impact energy was absorbed because the beams deflected more under reversed 4 
loading. The beam had to be displaced through the residual deflection from , 
the previous load application before net deflection in the reversed direction | 
¥ Comparison of Impact and Static Yield Strength. .—The ratios in Table 4, column 
impact moment/ static yield moment, show that in all but one case (epoca 
* 18-2), peak impact enenees exceeded the static yield moments. For 18-in. 4) 


= 
Similar drop Neishts it was found that moments were generally lOwer 


yield m moment the large heights. drop heights, a 
;  ‘pumber of impact loads producing smaller moments were sustained before 
a For 30-in. (760-mm) splices the highest dynamic to static yield moment ratio 6 
was 1.67 for the third load cycle on specimen C- -30-1T. Specimen C-30-1T had 
stirrups along | the sj splice, | and was subjected to a a large impact [drop height — 


TABLE 4. .—Comparison | of Impact and Static Capacities nig 


Static 
moment, 
in inch- 
_kips® 
(2) 


Ratio impact 
static moment, 
s| (splice failure) 


0.58, 0.85, 1.74, ore 
1.68 
1.24, 1.39, 1.41 > 
1.01, 3 @ 1.20,° 6 @ 1.28, 
1.11, 1.20, 1.25, 1.35, 0.65 
0.47, 1.02, 1.39, 1.48 
0.99, 1.44, 
1.22, 4@ 1.29, 
0.39, 0.76, 1.10, ‘121, 2@ 


-IM-18 
10-18 


| 
| 


aa 


aAawe 


1.24 
0.98, 1.23, 1.45, 1.30, 1.02 
17 @ 1.12, 1.05, 0.98, 0.78 
0.43, 0.84, 1.11, 1.13 
0.81, 2 @ 0.91, 15 @ 1.02, 
@ 1.08, 2 @ 1.18, 1.43 
4@ 1.16,3@ 1.11, 0.74 
= 


12@1.10,092 


y 


a 


a “Static moment is adjusted for the concrete strength of specimen. 


splice failure. 


— 


of impact pitt 


static yield moment, 
~ 


0.39, 0.58, 1.19, MS 
0.92, 1.03, 1.05 

0.76, 3 @ 0.90,° 6 @ 0.96, 

0.83, 0.90, 0.94, 1.01, 0.49 
0.40, 0.86, 1.18, 1.26 

1.01, 1.47, 1.46 
1.24,4@131,1.19 
0.42, 0.80, 1.17, 1.29, 2 

Res 
1.32 
114, 1. 41, 1.67, 1.50, 1. 
17 @ 1.28, 1.22, 1.14, 0 a 
0.50, 0.97, 
0.85, 2@ 0.95, 15 @ 1.07, © 
@ 1.13, 2@ 1.23, 1.50 
4@ 1.21,3@1.16,0.77 


1.18, 1.27, 30@ 


aa 


7 
12 @ 1.19, 


©Multiload values have range of +0. 0s. 


For specimens without stirrups, the highest ratio of a 


72 in. 830 mm)}. 


LL 50 was found in specimen CR1-30 using a large drop height of 84 in. (2 130 ; 
min). Prior impact loads on specimen CR1-30 at loads near the static capacity — 
(column 4) did not appear to weaken the splice. Two impacts using larger 24-in. 7 


drop heights were subsequently carried 


successf ssfully 


2 @ 1.18 sin 


cycle 
(1) | | 
800 4 
800 
C-18-1 820 ig 
c-18-2 | 30 | 
990 
10-30 990 
C-30-1 | 1,130 
C-30-2 | 1,130 
_IM-30T «(1,245 
| 1,245 a 
C-30-2T| 1,280 | 
“10-42 1,360 | 
cated 1,160 
CR2-30 1,160 
| 1,200 | 32° 
| 1200 | 
| 
or 


iat column 4) before: failure under | the large final impact | ‘using the $4-in. (2, 130-mm) . 
Influence of Transverse Reinforcement.—The data in Table 4 indicates specimens 
with stirrups through the splice region fared better, as expected. In several i 
instances (specimens CR1-30T, IM-30T and I0-30T) a bond failure was not — 
achieved under the impact loadings imposed even though similar specimens iS 
_ without stirups failed in the splice. Specimens with stirrups which failed in 
the splice sustained more severe loading in terms of impact level or cycles 
of loading prior to failure » OF both, comperet with | specimens containing no 


_ to perform as well as unidirectionally loaded specimens. The results from 
- specimens with both top and bottom face splices (CR2-30 and CR2- 30T) reflected 
the poorer bond characteristics associated with top cast bars. Considering that 

the ACI code (1) requires an increase of 40% in the length of top cast splices, 
‘the observed behavior of the top cast splices under impact was very good. 
_ For Static loading the splice length required for top bars by the ACI code 
for a concrete strength of 3,500 psi (24 MPa) is 62 in. (1,600 mm). The static 
yield strength was exceeded with only 30-in. (760-mm) splice lengths. — gnibloiy ' 
by Influence of Loading Rates.—The impact strengths (Table 4) exceeded both 
_ the static yield strength (controlled by /,) and the static splice strength (controlled : 
"by the tensile splitting strength of the concrete). High strain rates increase 
the yield stress of steel (3,6,9). Measured strain rates (obtained from the slope — 
of the strain-time curves in the reinforcing steel of the test specimens) reached — 
-0.4-0.5 in. /in. /sec prior to yielding. For example, in Fig. 5 the estimated dynamic 
Bw strain €l, = = 2,570 x 10°° was reached in about 16 msec resulting | in 
strain rate of ,570 x 10°°/(16 x = = 0.16 in. /in. /sec for this rélatively 
low impact cycle with a drop height of 18 in. (460 mm). 
For a strain rate of 0.4 in. /in. /sec, Nadai (9) reports an increase of dynamic 
over static yield stresses of about 45% for mild steel with a static yield oe 
of 28 ksi (190 MPa), while Feldman, Keenan, and Siess (3) found increases 
of about 40% | for intermediate | grade reinforcing bars [static yield = 40 ksi-49 
ksi (280 MPa-340 } MPa)). For steel with a static yield stress of 70 ksi (480 
ve MPa), Flathau (6) | reports an average increase of some 10%-15% over static. 
: For the reinforcing steel of the dynamically tested specimens (static yield stresses 
a 60 ksi and 63.3 ksi (410 MPa and 440 MPa), , dynamic yield stress increases 
in the order of 20%-30% could be anticipated fora strain rate of 0.4 in./in./sec. 
These increases are sufficient to explain the M,/M, ratios in Table 4. The ~ 
largest ratios of M,/M, occurred under large impact loads (high drop height) 
_ where strain rates could not be determined because gages had been destroyed — 
% previous load cycles. In those cases strain rates much larger than 0. 4in. /in. /sec — 
would be be expected faliure was | ih one op 
re The measured i impact strengths exceeded the static > strength based on anchorage , 
(tensile splitting) failure (Col. 4, Table 4). The high tensile stress rates in the 


‘may be estimated by taking the static tensile concrete strength, say 7.5 Vf 
= 7.5 V 4000 = 474 psi (3.27 MPa) for 4,000 psi (28 MPa) concrete and dividing | 
by the impact rise time to failure recorded in the reactions of the test data. 
A rise time of 20 msec B Sagpeeante: an average | rage value from the data and gives 


| 


} 
} 
pecimens SUDIECIed 1O Teversais [ace SDlCeS) appeared 
i 
' 
| 
i 
| 
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a stress rate of 474/(20 x 10 = 23,700 psi/sec (163 MPa/s). 
_ A study by Galloway and Raithby (7) evaluated the effect of high stress" 
rates on the modulus of rupture of 20 in. x 4 in. x 4 in. (510 mm x 100 
mm xX 100 mm) plain concrete beams loaded at the third points. Results of oa 
tests using two concretes with cube strengths of 6,500 psi (45 MPa) and 4, 830 
psi (33 MPa) showed that a stress rate of 25,000 psi/sec (172 MPa/s) increased - 
the modulus of rupture» by 65% over that observed using a very slow rate. 
| The aforementioned stress rate is comparable to the 23,700 psi/sec (160 MPa/s) 
which was estimated for the splice tests. More precision in estimating stress _ 
rates during testing is not warranted since the study showed that a much lower 
_ Stress rate of 10, 000 psi /sec (70 MF Pa/s) still produced large — 50%) incr increases 
_ The high impact to static moment ratios (M,/M, ) for specimens 1s with 18-in. = 
and 30-in. (460-mm and 760-mm) splices subjected to large impact loads compare 
fee with values expected if the tensile concrete strengths were adjusted 


for the high stress rates. The ratios were higher for the 18-in. (460-mm) splices 

than for the 30-in. (760-mm) splices. Since material strengths under similar impact 
\ loads increased the concrete tensile capacity more than the steel yield strength, 
. yielding limited the increase in the impact resistance of the 30-in. (760-mm) 

_ splices while concrete strength limited the resistance of the 18-in. (460-mm) — 


r _ Definition of Toughness. —The measurement of toughness of “ splice under 


of 


Lu, conf 


= 25.4 ‘mm, 1 
kip = 113 Ne m, 1 psi - = 0.0069 MPa) a an 


| 
4 
| 
| 


loading such as ‘requiring the aplice at 25% more capacity (5) 
than the yield strength of the steel are difficult to apply to impact loads since > 

_ both the steel yield and the tensile splitting strength of the concrete depend ; 
on loading rates which cannot be easily defined. Therefore, measures of toughness 
must be related to peak strengths, number of impact loads, deflections, and _ 
energy absorbed before failure. Soh wes a 


_ Though the test specimens net ve under the impact loads imposed 


dge 


M, CONTINUOUS BAR IN IN TEN 


; FIG. 9.—Deflections at Load Points: Reversal Loading (1 in. = 25.4 mm, 1 in. oy 


-18-in. (460-mm) splices, impact moments varied from around 1. 70 times the 
reference static moment when failure was achieved in one or two large impact 
loads (specimens IM-18 and IO-18) to 1.01-1.33 of static for failure under 
10 cycles of smaller impact loads (specimen C-18-2). Specimens with — 
_ (760-mm) splices showed a similar increase in number of loads to failure with 


Y § Performance Related to Beam Deflections. —Peak deflections produced under 
each impact load and residual deflections after each impact (cumulative for 
“all are shown and 9. In Fig. loading 


* Bar 
— 
prs ts ? ay 
7 
| 
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A me buildup of residual deflection prior to failure was observed for a beam 
with stirrups (specimen C-30-2T). In Fig. 9, reversal loading on specimen CR1-30 
prevented the buildup of residual deflections during the initial low magnitude _ 

7 The total load point deflections occurring in the beams with the 30-in. (760-mm) _ 

splices in the load cycle just prior to failure gave an indication of the difference a 

in toughness between specimens with and without transverse splice reinforcement. — 
‘Without stirrups along the splice, the total deflection prior to failure ranged 2 
- from 0.85 in. (20 mm)-1.33 in. (35 mm). . With stirrups along the splice, the 
total deflection (cycle peak plus residual) varied from 2.11 in. (55 mm)-2.39 — 
in. (60 mm). Specimen CR2-30T failed when a deflection of 1.41 in. (35 — 

. was reached but it should be noted that failure occurred in the weaker top _ 
Deflections at static yield at the load points of the 30-in. (760-mm) splice 
beams calculated using a cracked transformed section are approximately 0.50 a 
in. and 0.53 in. (13 mm and 14 mm) for yield stresses of 60 ksi (410° = _ 
for the C series and 63.3 ksi (440 MPa) for the I series. Under | impact loading, 

. _ specimens with stirrups sustained loading until a total deflection of over 2 in. ; 
ys (50 mm) was achieved (four times static yield) while specimens without sterags 
failed in the splice after a total deflection of = i in. Qs mm) 0 or two 
times the static yield was reached. 
Conctusions 


. Under the rapid loading rates produced by impact, the strength of the 
alice tested exceeded static > Capacity. The it increases in n the flexural aap 


> 


4 


strength properties under high strain rates. The ‘reinforcing steel ‘strain ‘rates 
were about 0.4 in./in./sec-0.5 in./in. /sec and concrete stress rates were 
_ estimated at 25,000 psi/sec (170 MPa/s). Such loading rates are possible under = 
2. The increase in strength above the static capacity observed under high 
_ Strain rates may y not be reliable for design purposes. The ductility or toughness ~ 
characteristics of the splice must also be adequate but such characteristics are 
_ difficult to define. The tests show that impact loads producing moments slightly 
above the static capacity can be sustained for many cycles while large impact 
loads (30% or more above static capacity) | fel the sah after eal we 
3. Splice performance under reversal loading war to ‘be no worse ‘than 
_ that under unidirectional loading. With reversal, smaller reactions and splice : 
_ moments are induced under the same impact (drop height) because more energy © 
is absorbed in inelastic deformation (residual deflection and i cracking) as as the 
wind Light stirrups along the splice greatly enhance toughness and durability , 
characteristics of the splice. For the 30-in. (760-mm) splices, impact loads were a ; 
sustained with total deflections at least twice the magnitude of deflections at 
failure of similar specimens without stirrups. With stirrups, approximately four 


_ times the static yield d deflection was sustained. Where e impact loads are venticngated — 


a Reduction i in the anchorage strength « of top cast bars due | ~ bleeding ae 


entrapment of air beneath the bars for dynamic loading apr appears no more sever 


_ than the 40% reduction factor used in design for staticloading. = 


_ 6. Impact loading which produces moments equal to the static strength of 
the splice com be safely sustained for strain rates in the steel as high as 0. 4 
in. /in. / sec. ‘lt appears that higher strain rates could be carried satisfactorily, 
provided the the ‘static capacity of the ‘splice is not exceeded. _ Further study is 
needed to ensure that impact loads producing moments exceeding static splice — 
Strength will not result in a sudden (nonductile) failure. Wilh 
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FMAX = = = peak load applied by forcing function; = | 

= = moment calculated average of two end 

M, = impact moment = 

Mec “ moment calculated from strains measured at center of splice; 
moment calculated from strains measured at east end of 


number of gages operating at section under consideration; 
RE 


-_ reaction ateastend of beam; 
RW = reaction at west end of te Lop 
= forcing function rise time; On 


TR A DA... 
TS = forcing function start time; 
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LoGica ANALYSIS OF 


Jam James Robert Harris,’ Steven J. Fenves,’ Members, ASCE, 


ave fre gutde the cofstruction of inden, guide 

The ‘‘Tentative Provisions for the Development of Seismic Regulations for 
Buildings” (1) (hereafter denoted Provisions) were prepared by the Applied 

4 Technology Council (ATC) to ‘present, in one comprehensive document, current 
~ state-of-knowledge in the fields of engineering seismology and engineering practice 
as it pertains to seismic design and construction of buildings’’ (1). The Provisions 

: are intended to be used in the development of national standards, model codes, 

and building regulations in order to reduce hazards due to earthquakes. This: 

_ paper is based on a report, “Analy: sis of Tentative Seismic Design Provisions 
for Buildings’’ (4) (hereafter denoted Analysis) prepared in parallel with the 
ATC project. The Analysis is intended to assist those responsible for the 
- assessme at and implementation of the Provisions by providing a formal repre-— 
sentation and a consistent documentation of their content and a constructive 

of possible clarifications and improvements. This: paper summarizes 
the findings and methods of the Analysis for potential users of the Provisions. o 
~ addition, readers may find the methods of analysis valuable for use in other 
efforts in the formulation, assessment, and implementation of new or revised 


“involved the scope beyond previous s seismic design. and 

provisions as well as introducing new technical approaches. The Provisions 

_ cut across the existing family of national standards for the structural design 
buildings. For instance, loading standards consider earthquake effects 

oo of 3 many design loadings, while resistance standards normally concentrate 


on one specific material and usually treat earthquake resistance as one of many 
_ requirements for that material. Therefore, a large number of standards developing — 
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need to study and adapt the ATC the ATC Provisions. To | in this 
_ process of implementation, the National Science Foundation sponsored : 
analysis study to use previously developed (2) technical aids for the analysi: 7 
formulation and expression of standards. The objectives of the study were to: 
(1) Assist ATC in the preparation of the Provisions; (2) provide a formal 
representation of the Provisions to assist their potential users, particularly the 
_ Standards and codes organizations that would draw upon portions of _ 
: Provisions; and (3) to explore alternative arrangements of these eo that 
would make them more Teadily | usable by various categories of use + 


This paper focuses on the second objective. The ¢ 
all objectives are cited in the longer report 
Approach To Locicat ANALYSIS 
s The techniques of analysis have been adapted and developed from concepts — 
Of it logic, taxonomy and computer science to provide technical aids for the 


- formulation, ¢ expression, vn, and use of standards. Provided here is a concise overview 

of the techniques; more detailed exposition is available elsewhere pes -ho-s'c12z 

A standard can be analyzed to determine if it is clear, complete, consistent, 
and to some extent, correct. _ The analysis techniques do not correct any 
deficiencies identified. This is the responsibility of the standard- -writing team. i. 
= The basic unit of a standard is a — sa kinds of provisions are 


recognized, based on a functional distinction; 
1. Requirements.—Those provisions that are directly indicative of compliance 


an some portion of a standard; such provisions can normally be characterized a 

by the fact that their evaluation yields a | value o of “satisfied” or or “violated. ott “a 
» a. Determinations. —All provisions that are not requirements; such provisions 

are normally characterized by the fact that their evaluation results in either 

numerical or logical values, even by two-state values (like true and false), but *s 


the results are not amenable to characterization as ‘‘satisfied’’ or ‘‘violated.”” _ 


La ‘The basic unit used in the analysis is a datum. The status of each requirement — 
is a datum. Each result or variable produced by a determination is also a datum. | 
In addition, every other variable referred to in a standard but not ny 
assigned a result by some provision isa datum. 
A list of datums is used in the analysis to provide a systematic reference 


for the provisions and to possible ambiguities such as using 


for ‘different datums. 


set of datums plus the that are used to rules 
= relating the datums contain all the information necessary to” evaluate 
compliance with a standard. An additional set of information, a classification — 


of the provisions, is used to provide quick and access to the provisions 


a the relations ; among datums ond 


Ses - Decision tables are used to represent the | meaning g of individual 1 provisions. 
“real are easily analyzed to assure that the reasoning always ane toa unique 


= 
| 


_TENTATWVE SEISMIC PROVISIONS 

tables are convenient for | representing ‘parallel processes, ses, 
whereas the written text, and to some extent flowcharts, both describe a sequential © 
thought pattern. The analysis of a decision table for clarity and completeness — = 

on is performed by constructing a decision tree from the table. ANIM? 

Information networks are used to represent the precedence r relations 


a provisions. Each datum corresponds to one node in the network. The — 


are “connected by branches that represent the flow of information through - 
set of related provisions. S Af. 
3. Families of classifiers for provisions are developed to cover pertinent 
physical elements of buildings, building processes, and the qualities required — 
for these elements and processes. Relationships among classifiers and between 

_ Classifiers: and provisions guide the construction of the index, guide i in outlining | 
text, and provide appropriate headings for the text. outlines 


TABLE 1 and Table of 


re table 


1. Seismic performance toemdal =D 


Proposed work on existing building 
change of use and seismic performance 
category before proposed work 4 

4 Potential exists for ground rupture from | 

active fault= true 


CDSLR 


CDSLR = violated 


_ Note: Ingredients (by datum name) are seismic performance category, building stage, a 
proposed work on existing building, seismic performance category work, 
and potential exists for ground rupture from active fault. 


The following examples illustrate the approach to the logical | analysis. A_ 

1.4. 4 Site Limitation for Seismic ‘Design Category D: No 

new building or existing building which is, because of changing use, _ 

fac bby assigned to Category D shall be sited where there is a potential _ 

ee for an active fault to cause rupture of the ground surface at the . 


_ The corresponding decision ble is shown in Table 1. The four parts of 
- the decision table are separated by the TOW and column of asterisks. The ‘ “condition vision, 


= 
f 
7 (2) | | @ | | 


at 

“seismic category = he lower left portion of 
_ the decision table is the ‘‘action stub’’ that defines all possible values for the — 
da tum. Here, action l states CDSLR = satisfied (i.e the D site limitation 
“condition 


: read columnwise, states that condition lis N (No), and the other three conditic 
immaterial (.). Rule 2 states that condition is Y condition 2 


the: “Action Entry,” shows hed each | the action appropriate to rule. 


TRUE 


‘a 

BUILDING = 

POTENTIAL EXISTS F FoR 

BUILDING = CHANGE 
OF USE TO CATEGORY 0 


POTENTIAL EXISTS RUPTUR 


decision tree generated from the decision table of Table 1 is show 
in = 1. The figure repeats the logic of the decision table in detail sving, 


, the two ‘combinations | of values for ‘the = 
“four conditions for which the provision is violated. 
Rit The occurrence of the ELSE in the decision tree is a major tool in the analysis — 
; of provisions for completeness. Each such situation is checked to see whether 

one single action such as ‘‘CDSLR = violated”’ is appropriate or whether ‘additional — ie 

tules need be defined to cover the scope of the provision completely. 


The “ingredients” tabulated below the decision table in Table | are hess o 
; om datums that need to be known in order to evaluate to the datum heoireamas ‘a 


Si 


e to be false (—) by the outcome for condition 2], and condition 4 is N. Rule q ; 
5s, labelled E (for ELSE), corresponds to any possible combination of condition ; 
(ms) 
kee 
. , and their corresponding decision tables, are ete a 
ingredients of one provision may be the output or * ee 


the flow of information through the datums in the set of provisions. Fig. 2 — 
_ shows the portion of such a network. The figure shows that the determination - “ 
& of the ‘‘required level of seismic analysis’’ depends on the datums ‘‘seismic - 
performance category,” “‘building configuration,” ‘plan configuration,”’ and 
configuration,” which, in ‘turn depend on other datums. 
- its direct ingredients are _ known. The assembly is easily performed with 
--- computer program. The complete information network can then be used for 


Re-entrant 


corners 


seismic 


~ analysis — 


Mey 
Horizontal 


Vertical 
configuration 


FIG. 2.—iInformation Network: Branch is Directed from ingredient Datum to Depen- 


to trace the global ingredience of a particular datum (i.e., all the datums ‘that 
have any possible influence on the datum in question); and (3) to trace the — 
- global dependence of a particular datum (ie. e., all the datums that might be — 
.. The information network is used to detect loops in 1 the “precedence relations 
among provisions, that is, when a datum appears in its own global ingredience. 
; _ The information network also detects detached (unreferenced) sets of provisions. 
a Examination « of how a a datum is used in _— evaluation of its various aieimenial a 


img 
| 
| 
4 
a 


references to the places where each datum is defined and vee The 
network also guides the organization and | expression of a standard. 


provisions are or cited by cross references. 
The overall organization of a standard is based on a basic structure of a 
ae and a classification of each provision according to that structure (4). 
rovision consists of | two arts, ect and redicate. ‘subj ect is 


in ‘the building process. The predicate is a a quality required of o or assigned to 
the thing. The list of classifiers pertinent to a particular provision are termed es f 
its “‘argument list.’ For example, “‘design’’ (a process) and “‘documentation’’ 
_ be in the argument list for a requirement concerning the submission of 
Classifiers” are systematically organized into” hierarchies 


Equiva: 
Lateral Force 


Analysis 


FIG. 3. Level Classification of Process of f 
wy 


“from the hierarchies to produce a tree of headings resembling a table of contents. = 


Different outlines are obtained by varying the order in which the trees are 
_ appended. Thus the classification is also used to work with the ep gener y 


of a standard. Note that the existence o 
ae combination of subject and predicate classifiers i is an important check 

on the completeness of a standard. Thus, study of the organization is useful - 

during the early stages of developing a standard. 


ot The provisions classified by a a particular classifier are called its Miran 7 


An index i is , generated from the classifiers and their ‘scopelists. by 


The of effort of synthesis ‘involved in the of 


‘is a check on the consistency of these dependent provisions. = 

le classifiers 
Trial outlines mav be develoned pec of classi 
4 
4 


the Provisions is well defined by the ‘magnitude - of the formal representation a 
1. The Provisions contain over 1,200 discrete items of data, including individual 
and definitions. vel of farce That’ 


3. Information networks, showing the path of the logic from input to evaluation — 
that the building satisfies the provisions, show that as many as 51 provisions ly 

need be evaluated in seriessequence. 


4. Over 400 provisions appropriate for indexing are classified by 170 clasifiers 


_ that a are grouped i in five major categories. On the average, each provision has 


._ ad The representative findi findings illustrated in n this section focus on opportunities 


- that problems “pervade the Provisions. Overall, ‘the analysis shows very few 
uncertainties in the logic of individual provisions. This is of great credit to — 
the ATC team that formulated the Provisions. 
We cite representative findings according to three qualities of provisions 


addressed by ‘the analytical techniques: clarity, completeness a and consistency. 


are applied t to existing codes and standards for building Conign. ie) i 
mo An example problem with clarity arises in the use of a “‘seismic performance > 
category” to determine the applicability of specific provisions to specific 
buildings. Al buildings are classed as one of four seismic performance categories: 
A, B, C, or D. There is some ambiguity a as to just what provisions are intended — 
- to apply to a building belonging to category A. The ambiguity stems from the 
: mismatch of four classes of buildings (A, B, C, and D) with five classes - 
_ provisions, those specifically marked for A, B, C, or D, and those undifferentiated 
as to the seismic performance category. The four seismic performance categories — 
were used as classifiers in the Analysis; thus, it was possible to produce a 
os complete list of all the undifferentiated provisions. The list was then examined = 
to determine those provisions for which the ambiguity may be significant. a 4 
4 It is not clear that all the undifferentiated provisions apply to category A 
buildings, and in fact, it is directly implied that some of them do not. For 
example, section 3.6.1 of the Provisions requires that category A buildings “‘. . rey 
- need only comply with the minimum seismic force requirements of Sec. 3.7.5 
and 3.7.6, and to the requirements of Sec. 3.7.7 and 7.4.” This implies rather — 
strongly that sections 3.7.1 through 3.7.4 and 3.7.8 through 3.7.11, which do 
_ deal with seismic force requirements, should not apply to category A, even 
‘though they are not specifically identified as applying to categories B, C, or 
oe second example of a problem with clarity arises with the response m modification 
‘factor R used in the Provisions to relate the seismic force effect to the energy 
absorbing capacity of the structural system. It was the intention of the ATC 
7 - team to provide a direct design procedure, without the need for backtracking 
ss OM_ previous design steps as a result of later decision. For such a procedure, 
the building type would be defined, the he appropriate value selected for R, 


the. ‘components 


these forces. Table of Table 3-B of the Provisions 
oo the determination of R. A problem occurs for buildings using moment = 
TABLE 2.—Table for R from Provisions 


‘oa 1 2 3 4 


“BEARING WALL SYSTEM: A structural system Light framed walls 
with bearing walls providing support for shear panels 6 1/2 
all, or major portions of, the 


loads. 


Seismic force resistance is provided Shear valle 


a by shear shear walls or braced frames. Reinforced concrete 


Reinforced 


Unreinforced and 
_masonry shear w walls _ = 


BUILDING FRAME ‘SYSTEM: structural s systen framed walls tthe ‘gut 


with an essentially complete Space Frame with Shear panels 4 at 
providing support for vertical loads. 


oy shear walls or braced frames. Reinforced concrete 1/2 


Reinforced 


Braced frames 41/2 

MOMENT RESISTING FRAME SYSTEM: A structural Special Moment frames Ye 
system with an essentially complete Space Steel 
Frame providing support for vertical loads. «Reinforced concrete 

Seismic force resistance is provided by 
_ Ordinary or Special Moment Frames capable Ordinary moment frames 


q DUAL SYSTEM: A structural system with an ‘Shear walls fic 
A essentially complete Space Frame peoviting Reinforced concrete 
support for vertical loads. at Reinforced msasonr 


61/2, 
Special Moment Frame shall be provided 


f which shall be capable of resisting at least 
(25 percent of the prescribed seismic forces. pan 


total seismic force resistance is provided 

by the combination of the Special Moment Braced Frames 

and shear walls or braced frames in proportion NE 
to their relative rigidities. 


INVERTED PENDULUM STRUCTURES: Structures where Special Moment Frames 
the framing resisting the total prescribed ‘Structural steel 
forces acts essentially as isolated Reinforced concrete nity 
cantilevers and provides support for vertical 
= Ordinary Moment Frames 


Structral Steel 11/4 11/4 
frames or ‘‘dual systems’’ to resist seismic forces because the wording (‘‘. 
capable of resisting the total prescribed forces.’’) states that R depends a? 
the prescribed seismic forces (the load effect). Two complete loops occur in 
_ the evaluation Process as shown in Figs. 4 and 5. For the first: R. — 


x 
>. seismic force effects computed, the total force vesultant effects calculated and si ; 
. 
8 
| — 
q 
| 
q 


TENTATIVE SEISMIC PROVISIONS 
on 1 the total prescribed force resultants, which | depend on the seismic , force, 


which, in turn, depends on R. This same R cannot be determined before 
_ determining ‘the total prescribed force which cannot be determined — 


F. knowing R. The second arises because the strength of certain concrete ‘components 4 ; 
is given in terms of the level of seismic force. That loop goes thus: R depends 
“on the strength of the moment frame, which depends on the seismic force, 

This problem was revealed by constructing the information network for the 
global ingredience of the strength provisions. The loops can be eliminated by 


R is an ingredient of the 
seismic coefficient c,, which 
in turn is an ingredient of 
the base shear V. 


V is in the global ingredience 
of the seismic force effect on 
any component. 


The seismic force effect _ 
is also an ingredient of @ 
the capacity reduction fac- 
The seismic force effect tor for concrete members. 


is an ingredient of the a 


— tor is an ingredient of the 


| resistance of concrete com- 
ponents, and thus of any 
OF 


| The resistance of each component 
| 48 compared with the total 
required strength for that com- faced tw 
ponent. Also, for moment frames, - 
the frame resistance is compared 


ae with the total required strength. sapere. nity 


R to the resistance rather than the force 
_ Analysis of completeness of individual provisions is accomplished using the 4 
decision tree analyses such as that represented by Fig. 1. One example of | 
=> incompleteness occurs in Table 2 (Table 3-B of the Provisions) | because some 
g types of structural systems are not included. These systems, as were identified © 
by decision table and decision tree analyses of Table2: 
om 1. Bearing 1g wall and building frame systems that have a shear wall other than f 
concrete, masonry, light framed, or wood sheathed (e.g., steel plate). pyar —— 


| 
a 
tlic chapter a 
whey Seas shag 
«FIG. 4.—Pro 
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frame systems that are not composed of either steel or 
aa or that do not satisfy the special strength requirements for such systems. 
3. Inverted pendulum structures that use shear walls or braced frames for 

seismic resistance, that use bearing walls for vertical support, or that use ordinary — 

- moment frames of reinforced concrete. (Consider an airport control tower with 

“. A dual system using an ordinary moment frame or using a shear wall 
= other than reinforced concrete, reinforced masonry, or wood sheathing on light f 
5. A structure in which bearing walls support some of the vertical load ai and 

moment frames provide some of the resistance to seismic load. a So 

6. A seismic resisting system that is not some combination of shear walls, 


braced frames, ade unbraced frames. (This does not appear to be a serious — 


| In addition to the type of framing, 7 4 7 
the comparison of total required 7 
strength with the resistance for — a 
moment frames is an ingredient of j 
R, yet its ingredients (shown with ys: i” 
the dashed lines) are in the global ap a 

dependence of 


R is an ingredient of the seismic 
coefficient C s which in turn is 
an ingredient sof the base shear V. 


| V is in the global ingredience of 
the seismic force effect on ede 
| component. 


The seismic force effect 

ds also an ingredient of 

The seismic force effect | = the capacity reduction fac- 
is an ingredient of the : in | tor for concrete members. | 


The capacity reduction fac- 
tor is an ingredient of the 


=e ae resistance of concrete com 
general component. 


5. _—Apparent Loops i in Evaluation of Response Modification 
Although the intent may be that these structural systems do not qualify for 
any reduction factor R, it would be more clear to say so explicitly or to make 
reference to the general provision for alternate methods and materials _ 


The use of the seismic performance category provides an example for tthe 


analysis of consistency. The seismic performance 


| 

The resistance of each component = 
— 
Ce arying seismic hazard, and 


TENTATIVE SEISMIC PROVISIONS 
me _ the seismic nmnasnie exposure group, a measure of the consequences of the nian 
failure, and is used throughout the Provisions as the primary decision —_ 


for discontinuous requirements on on systems, materials, construc- 


4 and for defining when mechanical and electrical utilities shall be provided wih 
shutoff devices) used differem combinations of seismicity index and seismic © 
4 hazard exposure group, as shown i in Fig. 6. Conversion Of | all of t the ¢ foregoing 


chy 
4 would avoid a large number of multiple groupings such a: as: (1) Category BD 
a 3 and C buildings with and without quality assurance plan requirements; (2) category — 
A and B buildings with and without anchorage of certain architectural, mechanical a 7 
9 and electrical components; and (3) category C buildings with and without = 
‘The Analysis (4) identifies 2 a number of other aspects in which those who 


ved a | Quality Assurance Plan Required 


| Shutoff Devices Required 


Provisions Apply to Architectural, A. 4 7 
Mechanical and Electrical 
aside) 


anni FIG. 6.—Inconsistent Decision Points acuemmolal 


further develop the Provisions can improve the clarity, completeness and 


e references to the chapter on 
abatement of s seismic hazards j in ‘existing buildings are to be handled 
ae that chapter is not adopted; (b) whether some aspects of the quality — 
assurance provisions should be imposed when a quality assurance plan is not > 
‘required; (c) whether the increased allowable stresses provided in the chapters — 
amending the reference standards for structural materials apply for category 
A; and (d) whether all seismic hazard exposure group - buildings shall have 
the capacity to function during an earthquake. sidskeve 
_ 2. Points appearing incomplete: (a) Lack of spestuntio’ of capacity reduction © 
= for significant components; (b) the admissible design approaches for 
wood frame buildings; (d) the types of attachment for mechanical and electrical 
- equipment for which amplification factors are specified; and (e) cross an 
concerning plan configuration, modifications to hazardous existing buildings, 
3. Points appearing inconsistent: (a) conflicting height limitations 


q 
q bas 
4 1 


- for moment frames; (b) citations of reference standards ranging from none to — 

_ specific citations to implicit incorporations; and (c) variations from performance — 
ie to prescriptive provisions, with some performance requirements lacking objective La 
measures of compliance, and some prescriptive requirements without a rationale 

a The formal representation of the Provisions, further elaboration of the foregoing — 

: points, and other comments and suggestions noted in the Analysis (4) may _ 
also be of interest | to designers using the Provisions (l) asa guide design. 

Conewsions INS AND RECOMMENDATIONS 

_ The National Earthquake Hazards Reduction Program announced by pal 
President i in June 1978 calls for a. 


applicable seismic design construction provisions. The ‘‘Tentative Provisions 7 
for the Development of Seismic Regulations for Buildings’’ (1) are expected | 
“to be a major resource in this process. Various individuals and organizations, 
- such as the newly established building st seismic safety council, are undertaking . 
careful reviews of the Provisions, some to establish technical validity, some 
to establish applicability in the context of current building codes, and others ‘ 
* become familiar enough to use the provisions in the design of buildings. 
The results of the Analysis (4) offer assistance in all such wre as 


ions of the building community to develop and at cae 


ic of the 
lafermation 2: networks representing the precedence among provisions and 
thereby allowing the tracing of implications of changes. ts” 
_ 4. An index and a classification of the provisions that, together with the 


, “of the ty to fit within the scope of one or another national standard. — 


_ As the process. of assessment | of the ‘Provisions and the ap of 


pret t and maintained. Portions of the representation are stored in a computer- 
-processible form, with potential for access by remote terminal. Plans exist to 
make a continually updated formal representation of the Provisions Teadily 
‘The work herein served not only the specific aim of i improving 


in improvement of the for and representing standards 

and other normative documents. The large report (4) contains a review of the 
‘en learned during interactions with the ATC team in the development of 
i Provisions. This experience may be useful to others undertaking similar 
_ technical s support of major e efforts in the formulation and expression of stan ds. 


— 

Visions in Nauional Standards and model codes proceeds, we 
- 
f 
— 


Tentative for of Seismic Regulations for Buildings,” 
_ Special Publication 510, Applied Technology Council, National Bureau of Standards, — 
2. Fenves, S.J. ,and Wright, R.N., “The Representation and Use of Design. Specifications, ~ = 
“a Technical Note 940, National Bureau of Standards, Washington, D.C., June, 1977. we a 
™ Fenves, S. J., Rankin, K., and Tejuja, H., “The Structure of Building Specifications,” — 
_ Building Science Series 90, National Bureau of Standards, Washington, D.C., Sept., — 
4 Harris, J. R., Fenves, S. J., and Wright, R.N., 
Provisions for Buildings,” Technical ‘Note 1 100, National | of ‘Wash- a 
ington, D. C., July, 1979. 
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RESTRAINT IN IN THREE-DIMENSIONAL 


By Mohammed M. med M. Ettouney,' M. _ ASCE and Jeffrey B. Kirby,” A. A.M. ASCE 


8) problems “of continuous planar curved beams. The finite element 
_ method (13) was used to evaluate the warping functions of circular girders 
subjected to torsional loadings. Analytical (14,15), semi-analytical (10), and 
approximate (12) solutions of beam problems with different end conditions, — 


4 no seamed ¢ between biaxial beading and warping terms, an assumption which 
is not true for unsymmetrical cross sections subjected to general loading 
= conditions. It has also been assumed that the system under consideration is 
planar curved, or straight, beam ‘supported by two or supports. The 
7 effects of the three-dimensional intersections of beams have not been considered. . 
- % _ The purpose of this paper is to present a solution of the beam — 
~ accounting for the restraining of warping. The solution is based on the finite 
be _ element technique, which considers all coupling terms in the general three-dimen- 


sional beam strain-displacement relationships. The warping effects are considered i 


7 “t by adding a seventh degree of freedom to the conventional six degree- of-freedom — 


beam nodes. In order to account for any general three- dimensional framing — 
arrangement, the concepts of continuous warping and partially restrained warping | 


_ are introduced. The new beam element is utilized for a simple case of restrained © 


Beige , where the analytical solution is known. The agreement between the — 
— two ‘© solutions i is very good. Since the major application of this approach F 
- such three-dimensional massive framed structures as machine foundations, — 


S 


where the warping effects are important, a practical example of a turbine generator 


. "Civ. Engrg. Specialist, Burns and Roe, Inc., 185 Crossways Park Drive, , Woodbury, — 
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4 
7 q 
__ systems has always been of importance to anal sts and designers. Finite difference 
GUTeTe Condimons ahd “Ssecuona apes Nave 
presented. These solution techniques for restrained warping problems have always 
| 
— | 


i pedestal is presented and the effects of warping constraints are computed. It 


is found that consideration of warping restraints in this class of structure could ld 
Didinen:. a large effect on the predicted design displacements and 


laceme 


BacKGROUND 


‘The : strain expeneions assumed to be zero, 
with the conventional beam theory (2). Yo ad) 
(2), showed that the strain ¢ expansions are 

dU, dy sal ax ot af aged bax 

ut (x; %)—— + Qe) 
in €, strain, in the x, direction; - Yi2> Y3 = 


= Cae 
= shear strains in 
- the x,x, and x,x, planes, respectively; U,, U,, U, = rigid body translation - 


= FIG. 1.—Local Coordinate System dove: 


of the shear center; Xiv X2r Xs = rigid body rotations of the cross section; 
= f- f(x,) = warping parameter of the cross section; 6 = $(x,,x,) = 


warping 
a function of the cross section; and ¥,, ¥, = coordinates of the shear center — 


3) 


= 
vector of the cross section can be expressed as 
"4 
q 
3 


& = modulus of elasticity; G =s 


us of elasticity; G 
cross section; and 1,,, T,; = shear s stress on the « ‘cross section in | the x X> and 


ia P= = forces vector; = 1 


“ Senelee Eqs. 3 and 4 into Eq. 5 results in 


| 


th “be oF (he degrees of of the 


which T= ath element nodal displacements 


displacement vector at B: unt displacements 
= force vector at node A = 


A 
force ve ctor ‘node ode avd 69,21 


of bonne (2). The | M, the bimoment (2, 26) and 


"problem are (1) Cubic expansions for U, and U;: (2) quitenic expansions for 
Xo» X3 and f; and (3) linear expansions for U,andx,, 
> These expansions were chosen so as to reproduce the results of the conventional — 


7 choice of displacement expansions will require the use 21 undetermined ed 


___ Stress-Strain Relations.—The stress-strain relation of the prismatic beam in _ 
4g 
ry displacement vector; 
| 
| 
| 


coefficients. can be e as 
_ The displacement vector Us, is introduced in order to account for the differences aa 
between the required ; 21 undetermined coefficients i in the displacement expansions — 


using ‘the ‘conventional finite ‘elements techniques (1, 16). pn 


hich K 


n 


Be is desired to eliminate the intermediate nodal displacement in order to 
e a two-node beam element which is consistent with the conventional a 4 
ement. The method of static condensation (1) can be used to obtain 


‘= Condensed beam element matrix, with two nodes. 
“7 Boundary Conditions.—The presence of the seventh degree of freedom, ts 
~ in the new w beam element requires special attention to its end conditions. Two 
~ possible end conditions will be - considered; ‘the continuous end, and the end 


_ Continuous End.—This boundary condition was reviewed in many references 


— 6,16). It can be enforced by setting f’ = f’ or Mi, = M', in which the super- 
‘Scripts / and r indicate to the left and right of the joint, respectively. es aa 


Partially Restrained against Warping. —Eq. 9 can be rewritten as AT 


which subscript degrees of in 
ge element and subscript “2” refers: to the degrees of freedom partially 
It can be shown (2) that the bimoments at tl the the beam of elements 
due to to total al warping restraint bar 
order to the partial restraint, a warping condition matrix 


z= 
| 
| id 


wo ends are ued restrained, o 


SS a, = 0, free to warp; and a, = 1.0, total warping restraint. 


= AM, = AK>,U" 


G 


in which i = identity matrix, 


Eq. 25 shows the relation between the soo restrained degrees of frecdoun 
U2 and the rest of the degrees of freedom of the beam clement Uj. Eq. : 20a 
can be so as to account for this condition, such that 
which K"" =K", +K,,G +G 
26 and 27 can to specify any desired warping restraint 
at either of the two ends of the beam element, by controlling the coefficients 
Solution of the Total Problem.—The element stiffness matrix K” "is formulated — 
in the local element coordinates. Either of its two nodes may have (1) Seven 


degrees. of freedom for continuous warping; or r (2) : six degrees of freedom, > 


4 The solution of the total structural system will be i in 


Z 1. Global coordinate system for all six of the conventional degrees of freedom. 


2. Local coordinate system only for the seventh degree of freedom, I, for q 


global element stiffness matrix can be expressed 


which the transformation matrix T is formulated according to the previous 


global element stiffness assembled to form the 


| 
| 
| 
if th 
= | 
-_ one end (i) is partially restrained and the other is « continuous. eal ' 
The factors a, specify the degree of partial restraint in which 
Ba 
mead 
(24) 
@ 
= 
(25) 
&g 26 
a 
Conventional maincec il 4) Can he ced make ih 
i 


= displacements vector of the system: and F, force vector 


4 
be ob ned by b back- ‘substitution into the element equilibrium equa en. 


will then be “used to “evaluate the structural behavior of a massive structure, 


wae the effect of warping restraints are believed to be we 


= 


End B 


= —Simple Cantilever Beam 
Cantilever Beam. .-—Consider the cantilever beam shown in Fig. 2. The le beam 
ft assumed to be totally fixed at one end and is subjected to a torsional moment 
(M, ) at the free end. The beam is represented by several models with different — 
numbers of the beam elements described earlier. Fig. 3 shows a —— 
between the rotation at the free end as obtained by the analytical oe a 


(6) and as obtained from the different finite element models. Figs. 4 and 5 g 
"solution for the warping of the free end, and ‘the bimoment at ‘the fixed end, 


respectively. The finite element solution predicted an accurate result when five . : 
refined elements were used. It is concluded that a five element beam is capable 
Of predicting the required displacements | and forces with an acceptable _— rang 
5 Practical Case of Massive Structure.—Connor (2) presented the geometric 
properties of prismatic members where the restraint against warping significantly 
affects the member’s displacements and forces. Many three-dimensional framed 
structures have individual elements with geometric Properties such that the 


ch (1,16). The 
a of the systen 
— 
1 
— 


since the analytical tools to account for restrained = 
in three- dimensional frames were not available. 
_ The beam element presented earlier can be used to 10 solve this ond pat structural 
_ problem. Consider, e.g., the reinforced concrete turbine generator pedestal shown 


° 


element soluti 
> 


Number of Elements 


3. _—Convergence of Free End Rotations: 


| 


/ _oL=4 ad 


Ratio of analytical solution/finit 
solution 


FIG. 4. 4.—Convergence of Warping Parameter 
in Fig. 6 and Table 1. The pedestal has to be massive in coaal to reduce the | 
3 _ Static and dynamic responses to the machine loads. This results in a very small _ 
_ Span- to-depth ratio of the members of the structure, as shown in the figure. 


This ‘small Tatio the of including the restrained warping» 


| 
| 
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The a of the structure are so massive that all the structural members will 


lement solution 


Ratio of analytical solution/finite 
e 


= | 


=(2.07x10° kPa) 


oe. P2=252 Kips(114000 Kg) 
q P3=213 Kips(96000 Kg ) 


P4=128 Kips(58000 Kg ) 


a! wer PS= 81 Kips(37000 Kg ) 
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IG. 6. Typical Turbine Generator Pedestal (1 ft m) 
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ra ‘Fig. 7 awd the rotation of member (cc’) about its s longitudinal axis. _ It shows 
‘that the differences between the predicted rotations by the conventional beam 

d analysis and the present method can be as large as 40%. This result is of importance ~ 
_ since the rotations of the members results in additional displacements of the 
bearings of the turbine which, in turn, could affect its alignment and operability. 

_ The differences in the calculated rotations also means that the actual system, © 
_ with restrained warping, has a set of natural frequencies which is higher than 
“those of the approximate conventional system. This result also could have an 
effect on the design of the pedestal, where it is desirable to have maximum — 


Convent ional Solut 


+ 


idered 


N 


-Radians x 10 


‘ 
_ separation between the system frequencies and the 
Therefore, an accurate prediction of the system’s naturé 
a Fig. 8 shows the maximum normal stress (o,,) due to warping restraint in 
member (abcdefg), using the equation 


= The pecnmiaie , known as the warping constant (9), and the warping function 


the approaches in Refs. 2 and 6. Appendix I shows the expressions of and 

I, for the rectangular solid cross sections of this example. 

7 The maximum normal stresses in the same member due to biaxial bending Pa g 
‘moments: are shown in the same figure. It may b be seen that the warping normal $ 
stresses are as s much as 10%-40% of the conventional bending normal stresses 

at the structural joints. This is a further demonstration of the importance of 


a 
. ae the effects of the warping restraints for this class of proble SS 


Normal stresses due 
warping restraint: wy 


7. 


o 2. 


stresses 


Normal stresses du 
3 biaxial bending 


imum Normal Stresses in Member (abcdefg) 


Di It should be mentioned that there are many cases of design loadings in addition 
to the turbine self weight (4,9). All of these cases of loadings should be considered _ 
_ in order to obtain the maximum displacements | and stresses. The _ purpose of 
"te impor was only to show the practicality of the new beam element and be 


the importance of considering the warping restraints in this 
5?” 


AND Concwusions io 


| 
presented. € rormulation is genera enougn to account [or any cross secuo 
_ Shape of the beams and any applied loading conditions. The concep 
_ warping restraint and continuous warping were introduced and w 


THREE- DIMENSIONAL FRAMES" 
the solution of problems of three-dimensional framed structures where the 


_ restrained warping at the joints could have a large effect on the computed | 

" displacements and stresses. The new beam element was used to solve a simple ~ 

and the results were compared against a known analytical solution. The 

— beam element _ was also used to solve a practical case of a turbine generator 
pedestal where the individual members were — 


results of these case studies indicate that: 
1. The new beam element predicts displacement and stress results ovo 
> bares > well: with the | analytical predictions of the restrained d warping problem. ; 
iy) 2. The concepts of partial warping restraint and continuous warping provide _ 


method of accounting for pestrained warping in three-dimensional framed 

3. Accounting for warping restraints in three-dimensional framed structures 

with short members could be of importance for colculstions 


displacements and stresses. 
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_— Properties oF RECTANGULAR ‘Sections 


It been shown that the warping of a rectangular section 


Yo 


eq 


a and 2 2a, 2b = wai and aeayter dimensions of the rectangle, le, respectively. 
4 “The oy constant, J,, defined in Eq. 19, can be expressed as: iS: pe) ry 
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FIG. 9. 2 —warping Constant for 
_ The expression for I, can be rewritten as 


a function of the The function is shown 
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The following symbols are used in this paper: 
aad shear walls, as Well 63 
pepaing, = warping condition matrix; ang 


orify = strain- -displacement relations matrix; 

D = constitutive relations matrix; tacn welds 

differential operator matrix; of the t 

‘The F, = system nodal force vector; 


| element force vectors; 
G shear modulus; fire to 


= moment ofinertia; 
= identity matrix; The 
= system stiffness matrix; ana 
Pigg: element stiffness matrix; inte Comm 
M;, ¢ = bimoments d due to total warping restraint; 
— M,,M,,M, = element forces (moments); 
P = body force vector; mY. 
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shearing strains; 
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-- = normal strains; 

= 


Faas = Shear stresses; 
warping function; and 
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By Teaman Petr! and Wiliam | 


Light, , cold formed steel sections arc without the 
of a general guiding specification for many years. By the late nineteen sixties 
the structural use of this fastening method was sufficient to create a demand 3 
ie a more systematic approach. Rational use of light steel panels as horizontal 

’ diaphragms and | vertical shear walls, as well as other applications of light steel 
framing, panels, and decks, requires one. Accordingly, the American Iron and ' 
Steel Institute (AISI) initiated a project to develop welding procedures and a : 
to verify them through tests of welded connections. In a series of such tests 

: at Cornell University, the behavior of the most common types of arc welds pe 


= Cornell research has provided the besis for the current welding provisions ms 


ie ‘in the AISI Specification for the Design of Cold-Formed Steel Structural Members ad 
i (Ref. 1) and for a new w specification, Welding — in Structures (AWS | 


‘Sufficient data a are available to ‘support the ultimate loa load prediction equations» 


_ previously referred to. Since they represent the first attempt to codify this | ' 
_ type of structural fastening process, it is anticipated that desirable modifications _ A 
will become apparent as research and practice advance. 
_ Sheet steel may be as thick as 0.230 in. (5.80 mm). The thicknesses asinine 4 
“used in cold- id-formed steel in building construction are generally not as large . 
as this, however. The largest total sheet thickness used in the Cornell tests | 


_ Although sheet-steel welds may be made with conventional equipment and 
“electrodes, the fact that they are made on thin steel results in a special situation. 
_ Stress resisting areas are not as regular or as easy to define as they are in _ 
7 a Presented at the 1980, Fifth International Specialty Conference on Cold-Formed oan . 
Structures, held at St.Louis, Mo; 


‘Assoc. Prof. of Struct. Engrg., Cornell Univ., Ithaca, N.Y. ‘14853. 
a Prof. of Struct. Engrg., Cornell Univ., Ithaca, N.Y. 14853. 
a Note.—Discussion open until January 1, 1982. To extend the ‘closing date one month, | 
a written request must be filed with the Manager of Technical and Professional Publications, 
_ ASCE. Manuscript was submitted for review for possible publication on August 20, 1980. ; 
_ This paper is part of the Journal of the Structural Division, Proceedings of the American : 
Society of Civil Engineers, © ASCE, Vol. 107, No. ST8, August, 1981. ISSN 0044- + 
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the ors of structural steel and plate. ‘Some welds, re as arc “Spot and 
arc seam welds (Ref. 3), are made through the welded sheet without any advance 
q preparation. Galvanizing and paint are normally not removed prior to welding. 
_ Failure modes are complex and difficult to categorize. A relatively large amount — 


of scatter in test results can be ee Qualification of welders and ae 


Welders may require instruction practice before mastering the 


The of arc weld to a light sheet 
either or are in Most of the terms used follow standard 


FIG. 1.—Sheet Steel Weld id Types 
“nomenclature. Are s spot welds (commonly called puddle welds) are welds 7 


which coalescence proceeds from the surface of one member into the other. 
As mentioned previously, the weld is made without preparing a hole in either | 
Arc seam welds (oblong puddle welds) are the same in that ‘neither 
"member is slotted. Arc spot and seam welds are commonly used to attach 
_ cold formed steel decks and panels to their supporting frames. Arc seam welds — 


particular application in the narrow troughs of elements. Flare bevel 


“4 
that a welder may have satisfactorily passed a test for structural steel welding _ 
= Square Groove Weld Arc Spot Weld 
U 


the filler metal have a at least equal to that of the 
_ members being joined. For members of unequal strength, the weld materials 7 
_ should be matched at least to the strength level of the weaker member. ay | 


They often occur as a combination of basic modes, accompanied by a large _ 

amount of out-of-plane inelastic deformation. The primary features of the basic om 

modes encountered in the Cornell tests are shown in Fig. + 3 While these are ae 


simplified pictures of true failures, they have been found, nevertheless, to provide 2. 
rea categories for the assessment of strength of 


-‘Tronsverse Fillet ‘Longitudinal Filiet Transverse. ‘Sheet Teor Longitudinal Sheet Teor 
te) F Flore Bevel Weld 


Sheet Teor Sheet Teor ond Buckling 


(4) Round Puddle Welds 
a 
am _ design equations. Photographs of some of the typical failed : specimens are given 
in Fig. 3. For simplicity, groove weld failures are not shown. Properly matched 
groove welds can be expected to develop the full | strength of the sheet. 4 mn 
s.. For fillet welds on the sheet sizes tested, the dimension of the leg on ‘the 
sheet edge is generally equal to the sheet thickness and the other leg is often 
two or three times longer. The actual throat is commonly larger than the throat 
of a conventional fillet weld of the same size [see Section A-A, Fig. 2(a)]. ki 
Ultimate failure of fillet welded joints is usually found to occur by tearing 
of the plate adjacent to the weld. Tearing is the result of applied shearing — 
: or tensile forces, depending upon whether the weld i is longitudinal or transverse. 
i These conditions are illustrated in Fig. 2(a) and 2(b). Also, in a number of © 
the longitudinally welded specimens tested at Cornell, the welds were long enough 
to result in tensile failure of the narrow connected sheets. Some conventional 
weld shear was also observed i in a few of the longitudinally v : 


and flare vee welds are used on the outside of the curved edges that are typi ; 

; _ of cold formed members. Square groove welds are rarely used in thin steel. © ; 

— 
ats. 
= 
+ 
= 


These a and other failure conditions will be | described further in 1 later : sections 
_ The chief mode of failure in cold- formed channels welded by flare bevel 
welds, and loaded transversely, was also sheet — along the contour of © 
the weld. Fig. 2(¢) shows these conditions. 


Sheet Tear 


‘Sheet Tear 
Transverse Fillet Weld . 


Round Puddle Weld 


FIG. 3.—Typical Failure Modes, (a) Sheet t Tear: and (b) 
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Only in a few cases was weld shear a primary factor in the failure of oi 


EE | 
— 
| 
plane deformation of the connected plates. even 


SHEET STEEL WELDING 


“the modes of ultimate failure of arc ‘spot ot welds w were ere observed i in the Cornell 7 
tests [see Fig. 2(d)]. The first is simple shear failure of the weld metal a 
J the plane of the faying surface. The second is plate tearing on the loaded side 
of the sheet. Failure of this sort starts by tearing along the contour of the 
_ weld; it then progresses across the sheet. In the third mode, tearing along the 
gontour of the weld on the tension side is followed by plowing of the weld 
into the end material as that material buckles and shears, as shown in the — 
7 third sketch of Fig. 2(d). This type of failure may occur when the end « distance : 
is small. Many failures, particularly those of the plate tearing type, may be 
preceded or accompanied by considerable inelastic out-of-plane deformation — 
(of tl the type indicated in Fig. 4. This: is a form of instability similar ‘to that 
observed i in wide, pin- -connected plates. | 
- The general behavior of arc seam welds i is s similar to that of are-spot welds. 
P 


; | simple shear failures of arc seam welds were observed in the Cornell tests Bs 


“closely by ultimate failure. Asi in most c« connections, rupture ‘rather than yielding 
reliable criterion of failure. 
‘Testinc Procram 


Tests were conducted at Cornell for the American ‘Tron and Steel Institute 


ev 


Transverse flare bevel welds eu 42 
One hundred and thirty connections were made in steel 


1661 
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122 were made under field conditions, and 90 were icate 
laboratory under simulated field conditions. 
_ All specimens had the same basic confi iguration. Two plates were butted a - 


with one or, in the case of double sheet arc spot and arc seam welds, two. of 


Ds. thickness cours to or greater than the c cover t plate sheets. ‘Seven different cover 
_ plate gages were investigated: 10 ga (0.138 in., 3.51 mm); 12 ga (0.108 in. a 
3 La mm); 14 ga (0.079 in., 2.01 mm); 18 ga (0.052 in., 1.32 mm); 22 ga (0.034 
in., 0.86 mm); 24 ga (0. 028 in., 0.71 mm); and 28 ga (0.019 in. , 0.48 mm). 

All of the 10 gage, 12 gage, , and 22 gage steel, most of the 18 gage material, 

and some of the 14 gage cover plate sheets, were » made from A446, Grade 

A steel [minimum o, = 33 ksi (227,700 kN/m?’) and o, = 45 ksi (310,500 — 
of the cover plate sheets were A446, Grade E 

[minimum a, = 80 ksi (552,000 kN/m’) and o, = 82 ksi (565, 800 kN/m si 

Tension coupon tests were made of all cover plate Steel used. The ‘measured — 

ultimate strengths are used in the s strength | prediction equations cited as follows. 7 

a Arc spot and arc seam welded specimens with single and double sheet cover 
plate were tested. The double sheet condition is encountered in practice when 
- overlapping sheets are fastened to the supporting frame by welds that penetrate x gy 
“a _ Complete details Is of the t test program and the results are e€ contained in Refs. 

4 through 8. A summary of the specimen and ‘test data needed to ann = : 


In the following sections, the performance of each of the types of weld 
7 investigated i is summarized. Equations for predicting the ultimate resistance of 
each type of connection are e presented and compared with the test results. The 
predicted ultimate loads, P,, are given for a single weld. The predicted ultimate 
lo.ds for each specimen, P,,, is to be found by multiplying P, by the number 
7 of welds tl that must fail in order to cause the failure of of the et 
pn Transverse Fillet Welds. —A total of 55 transverse weld specimens were tested. 
_ The cover plate material was either 12 gage or 18 gage A446, Grade A steel. 
Complete details are contained in Refs. 4 and 5. In all but eight of the tests, 
_ primary failure was by tearing of the connected sheets along, or close to, the ae 


_ contour of two of the welds. In the remainder, there was } secondary weld shear. 


_ Fig. 5 presents a comparison of the experimental ultimate load P, J<—- the 


taiese | load Ry redicted from the e uation 4 st. 
rt in which t= the cover plate thickness; L = the length of the weld; o, = 
the measured ultimate strength of the cover plate material; and P,=theultimate 


ten ‘per weld. The ultimate load for the apompen P,,, is twice P, since the 


piate sheets weided to each side. All specimens were weided wi 
_electrodes. In most cases the connected plates were 7/16 in. thick hot rolled —_—s && 
_ 


‘connections the average ratio of observed to predicted inn strength i is 1.04, te, 
with a standard deviation of 0.09. For the 31 field welded Specimens the average 
and standard deviation are 0. 97 and 0.11, respectively, and for all ‘specimens — 
these values are 1.00 and 0.11. It is believed that Eq. | is an excellent predictor a 

? the failure strength of transverse fillet welds. 


baa 
- basic reason for the ability of transverse fillet i) to develop the 


tensile strength of the adjacent sheet appears to be the one teferred to earlier J ' 

in the consideration of Fig. 2(a). For welds on thin sheets, ‘the dimension of . 
in the weld leg | on the sheet edge is generally equal to the ‘sheet | thickness and 
the weld throat is commonly larger than the throat of a conventional fillet 
4 weld of the same size. Under these circumstances, if the deposited filler metal 
has a tensile strength greater than that of the sheets being joined, as should | 

_ ibe the case with conventionally matched materials and properly made v welds, — ; 
it can be expected that the sheet is the critical element. 
Longitudinal Fillet Welds.—A total of | 64 longitudinal fillet weld specimens 
were tested. Again, all of these tests were on 12 gage or 18 gage A446, Grade 
A materia!. Complete details are contained in Refs. 4 and 5. In 33 of the tests, 
: tensile tearing across the connected sheets was either the sole cause of failure 
or a major contributing factor. In the remainder of the tests, failure was the 

result of weld shear, weld peeling, tearing of the sheet along or roughly parallel — 

‘to the ‘contour of the weld, or a combination of these effects. In many - 
‘the longitudinally welded specimens there was also a substantial amount of 
out-of-plane deformation. Ablow pide wit Sosbal ods 


oft 
Alger 
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«AIG 6 Fillet Welds (P,,, is According to 1) 


following equa equation was found ‘satisfactory failure by tensile 


failures involving tearing along the weld | contour, weld shear, 
4 combinations of the two w were predicted satisfactorily by the larger \ value obtained — 


in which L = the average weld length. The ultimate load for the specimens, — 
was a primary factor, | 
‘it w was s observed that it ‘occurred at : an average ‘stress « on the cross section of — 
the connected plates equal to about 80% of the ultimate strength of the skeet _ 
It was also observed that for all other failures there appeared to be some 
_ correlation between the ultimate resistance of the connection and the length 
- of the welds. Indeed, for very short welds, average stresses s obtained by dividing 
the actual ultimate load by the product of the sheet thickness and total weld 
: length were close to the ultimate strength of the sheet material. Eq. 3a was 7 ; 
_ developed through a linear regression analysis of the results of the 31 tests 
not influenced by transverse plate tearing . It is believed that for long L/t ratios, 
Eq. 3a would become overly conservative and that the limiting resistance for 
st such specimens would become the ultimate shearing resistance - of the sheet 
material. Assuming this to be | 15% of the ultimate tensile strength (a value 
a for shear strength which has reasonable empirical support in similar applications), 
_ Eq. 36 results. By equating the right hand sides of Eqs. 3a and 36, , it is readily 
seen that Eq. 36 controls for welds having an L/t ratio greater than 22. , a 
Applying Eqs. 2 and 3 to the test specimens it is found that Eq. 2 emubele = 
. 38 cases, Eq. 3a in 18 cases, and Eq. 36 in eight cases. The average ratio 
of observed to predicted ultimate strength and the corresponding standard — 
deviation are, for each equation in the regime in which it controls: Eq. . 
00 and 0.10; Eq. 3a, 1.05 and 0.08; Eq. 3b, 0.89 and 0.09. 
_ The basic reasons why failures. tended to initiate in the sheet rather than 
in the welds are believed to be the same as those cited for transverse welds; 
mainly the relative strengths of the weld and sheet materials, and the relatively 
large weld cross-section dimension. - Fig. 6 is a graphical comparison of > 
a Transverse Flare Bevel Welds.—The basic data and results of the 42 transverse ; 
‘flare bevel weld tests are summarized in Refs. 4 and 5. The channels were oh 
cold formed from 12 gage or 18 gage Grade A material. By farthe most common 
ae of failure was plate tearing. In only five tests was weld shear a factor. 
$= Significant out-of-plane distortion was experienced in twelve tests. The experi- 
mental failure lo loads predicted the equation 


i 
i 
| | 


of 0. .15. For the sixteen field welded specimens th the average and standard deviation 
. 1.16 and 0.14, “respectively, and for all specimens these v values are 1.04 
_ The basic reasons why failures tended to originate in the connected shock 
rather than the weld appear to be the relative strength of the two materials | 
and the weld dimensions. With one exception the effective weld throat dimension _ 
” was greater —* the sheet thickness. It is believed that this will also be the 


2) ae FIG. 6.—Longitudinal Fille Fillet Weld: Welds (2, is According to Eqs. 2, 3a, and : 3b) 


————_ Flare Bevel Welds.—The basic data and results of the 32 beiaithe 
-dinal flare bevel weld tests are contained in Refs. 4 and 5. In 22 of the tests, — 
‘tensile tearing across the connected channel sections was either the sole cause 
ow of failure o or a “major contributing factor. In the remainder of the tests, failure 


parallel to the weld contour, generally accompanied by out- -of. -plane deformation. g 
The experimental failure loads are predicted satisfactorily in this case by the 


| ch quantity is défined The load 

hich each quantity d nections the average rate 

is two times P,. For the 26 shop welde 

| / 2) 

» 
a 4 


i in which A = = the area of the channel ‘cover plate, or two times the result _ 
7 calculated by Eq. 3b. The result obtained from Eq. 3b was multiplied by two 

e in order to account for the fact that the shear force is resisted I by the upstanding» 
flange as well as the web The ultimate load, P,,,, for the specimens 
_ Applying Eqs. 5 and 36 to the test specimens it is found that Eq. 5 controls - 
‘in 19 cases and Eq. 3d in 13 cases. The average ratio of observed to predicted ad ' 
ultimate strength and the corresponding standard deviation are, for each equation — 


ndard 
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erse Flare B Bevel Welds (?,,, 


Are Spot Welds. ._—The basic | data and results of the 126 arc spot weld tests 


and 0.14. Fig. 8 is a graphical comparison of the actual and parte strengths. 


are contained in Refs. 4, 5, 6, and 8. se aad 
In evaluating these tests, clarity requires that a 8 distinction be made between 
“those which failed in pure shear and those which failed in one of the other 
modes. In 31 shear failures, measurements were made of the net areas of the 
sheared welds which contained substantial pitting and porosity. These irregular _ 
surfaces were converted to circles of the same area, and the equivalent — F 


_d,,, recorded. The linear equation found to provide the best fit to these diameters 


is. 


tea, 
is According to cq. 4) ren 
‘ 
—— 


equivalent di diameter in the specimens ranged from 0.39 in. (10 mm)-0. 70 
in. (17.90 mm). This equation is plotted in Fig. 9 for illustration. Weld shear 


failure loads were peodicted satisfactorily by the equation = 
dg 


is According to Eq. 5 or Two Times 7 


conditions in the cover sheets in the — 
region of the arc spot welds, Omer Blodgett | of the Lincoln Electric Company — 
proposed in unpublished correspondence two ‘equations ns for the prediction of A 
the strength of arc spo* welded connections that fail by plate tearing. The Blodgett 
equations incorporate the observation that, for cases in which weld shear failure 


ae not control, failure was generally by transverse tearing when d/t was less >i 
240/Vo,, by longitudinal t ng and end zone. buckling w where d/t : 


was greater hes 240/Vo,, where o, is the ultimate strength of the sheet _ 
material, in kips per square “inch. This limit can be expressed 
4 ak 


oi 


as 1. 4v E/o,. The best fit were found to be, for d/t < 140/Vo 


(or ‘nondimensionally 0.82V E/o , 


q 
WHICH = OU KSI (414,000 ), the Homunal tensile sirengin OF 
filler metal. The ultimate load for the specimen, P,,,, is two times 
— — 
Baw 
TA TT 
8.—Longitudinal Fla 
Eq. 3b) 
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O double thickness 


_ FIG. 10.—Are Spot (Puddle) Welds (P,, 


is According to Eqs. 7, 8, or ) 


— 
q 
ae” 


we or t= 240/ Vo (or ‘nondimensionally 4V E WV E/o,) 
(9a) 


‘The second term in the brackets can be expressed nondimensionally as ; 


FIG. 11 Seam | Welds is (P,,, is According to Eq. 10) 
In the ¢ aforementioned equations, d in which d, = visible 
7 diameter; and ¢ = the net thickness of the single-ply or double- -ply welded 
: ‘ sheet. The limits of applicability of these equations are related to the ultimate _ 
- strength rather than oy yield strength of the steel. In each case, the ultimate 
The average ratio of the observed to the pr predicted strengths for the 78 tests 
in which Eq. 8, 9, or 10 controlled the predicted failure load is 1.07. The standard a 
deviation is 0.26. The average ratio of the observed to the predicted strength 
A. for the 45 tests in which Eq. 7 governed is 1.22 and the corresponding standard ; 
; éeviation is 0.37. The conservative nature of Eq. 7 can be ne on all 


a5 — — 
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porosity encountered i in a sesetion. All of the field welded arc spot welds reported 
in Ref. 5 were poorly made. Fig. 10 provides a graphical comparison of the 
3 shear and plate failure equations with the observed results. 
Are Seam Welds.—The basic data and results of the 23 arc seam welds are 
~ contained in Ref. 8. Based on an analysis of conditions in the cover plates 
in the immediate region of the arc seam welds, Omer Blodgett proposed, in 
unpublished correspondence, an equation for the prediction of the strength of 
arc seam welds that fail by a combination of tensile tearing of the sheets along 
the forward edge of the weld contour plus shearing of the sheets along the 7 
sides of the welds. 
the results : of the tabulated tests has resulted in the following mod ified ve 


11 


in which L = + the overall length; and B = the width of seam welds. The ultimate 


load of the specimens, is twice ‘The average ratio of the: observed 


: to the predicted strengths for all of the a arc ‘seam weld tests is 1. ol. The s standard al 


with the Tesults. gig 


 Sarety Factors AND 


_ The Cornell research | program has been concerned with the investigation of | 
; ‘the ultimate strength of various forms of arc welded connections in sheet steel. _ 


‘The following are some comments on the conversion of the strength prediction 
equations advanced here into design formulas. | 
_The currently prevailing American view on the aepention of safety factors 

nections is indic 
If past practice is studied for riveted or bolted structural carbon steel 
_ joints, the factor of safety against sheet failure is found to vary from 
. approximately 3.3 for compact joints to approximately 2.0 for joints with 
a length in excess of 50 in. . . . Experience has shown | that this factor 
4 of safety has provided a safe design condition. This indicates thata minimum 
factor of safety of 2.0 has been satisfactory; the same margin is also 
used for fasteners intension. 
- Similarly, | in the American Institute of Steel Construction Specification, the 
basic allowable tensile stress is 0. 60 F,, but not more than one-half of the 


maximum tensile stress ofthe steele 
_ American practice in the design of statically loaded welded aie implies 


a basic nominal factor of safety of 2.5 with respect to failure. Thus, if as 
vin Eqs. 3b and 7 it is assumed that the ultimate strength in pure shear is 75% 
_ of the ultimate tensile strength, it follows that the allowable shear stress obtained _ 
using a safety factor of 2.5 is 0. 300, or 0.300,,,. The latter is the value prescribed 


5 for weld shear in buildings in Ref. 2. If one considers the uncertainties which = 


is consonant with the intention of having a minimum margin of safety of - 


= inevitable in the strength of connections, a nominal safety factor of 2.5 — 


4 


m 
i There is a considerable t body of opinion among gz. welding ex: experts that nat the best 
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safety for applications of sheet steel in buildings. It follows 
= they believe that working stress equations obtained by applying a factor 3} . 


of some of the p practical requirements for obtaining sound welds i in n sheet steel. o 
Detailed criteria for proper workmanship, technique, qualification, and inspection - 
are contained in Ref. 2. Unless these criteria are satisfied, welds of the quality 
presumed in the aforementioned prediction equations may not be obtained. It 
is noted, e.g., that the points falling below the —20% line on Fig. 10 10 represent ' 
tests conducted on substandard welds (Refs. 4, 5). at 

_ Details, Workmanship, Technique.—It is intended that arc spot welds have 
a fused zone (nugget) of at least 1/2 in. (12.5 mm) diam into the supporting 
piece. The for such welds is assessed — 


BIG. 12.—Weld Washer | 


_ qualification tests. Generally, a flat or horizontal weld position is preferred. . 

It is also ) necessary that parts to be joined be brought into close contact to 
Se Effective control of current is absolutely essential for obtaining consistently 

_ sound welds. The current required for arc spot or arc seam welding is considerably 
higher than for most conventional welds. In preparing specimens for the Cornell 
tests, bey electrodes were used, as $ noted earlier. In one weld qualification — 


arc spot welds i in 0. 108 in. (2.74 mm) galvanized sheet, - the current w was s 275 
_ amps and the welding time approximately 6 sec. The burn-off rate [called the ; 


' : melting rate by the American Welding Society (AWS)] of the electrode was — 


22 in./min (559 mm/min). Using 1/8 in. . GB. 18 mm) electrodes to make 3/40 
at in. (19.05 ‘mm) arc. arc spot welds in 0.052 in. (1.32 mm) galvanized sheet, 210 
z amps | and (10 sec were required. The burn- off rate was 18 in./min (457.20 


practical way to maintain uniformity in sheet steel welding is ties regulation 


| 
| 
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In making arc spot welds in sheet of 24 gage 028 i in., 71 =m) ont 
weld washers may be required. These are small tabs of 16 gage (0.064 in., 
» 63 mm) or similar material with punched holes somewhat smaller in diameter 
than the visible weld diameter (see Fig. 12). They permit the weld to be made 


without burning the thin sheet. 


thec coating. on some electrodes may break down and produce shallower penetration 
= than that required. This may necessitate limiting the number of welds which 
may be made in rapid succession with one electrode. 
Qualification, Inspection.— Both the procedure and the welder must be carefully 
qualified following rules prescribed in an appropriate specification such as — 
_ 2. Such rules include simple but severe mechanical tests on sample welds. male : Fi 


eo in The results of an extensive test program have been evaluated and strength 
equations have been derived. The strength prediction equations 


“l Except for the case of the arc spot welds, the correlation between the test : 


Spot welds, the variability of the — of welds has led to a rather large . 
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e following symbols are used in this paper: 
‘The foll ols ar sed in thi ape 

the area of channel cover plate, in square inches; Al » 
B = average width of arc seam welds, in inches; 

visible diameter of arc spot weld, in inches; 
average length of welds of specimen, in 


= observed ultimate strength of connection, k; 
predicted ultimate strength of connection, 

S = average cover plate width, in inches; 7 7 eh. 


oven. 


167 
j 
= le = ultimate stress of cover plate material, in kips per square inch; : 
7 Guy = nominal tensile strength of E60 filler material, in kips per square 
Me = yield stress of cover plate material, in kips per square inch. — ae 
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Masonry UNDER BIAXIAL STRESSES 
By Ahmad and Robert G. Drysdale” pes 


The available failure hypotheses (2,12,13) for r masonry i are related te to the failure 
_ theories for isotropic materials (11) such as Coulomb’s theory of internal friction, - 
the maximum stress theory, and Mohr’s theory of failure. Although it is known 
that these theories are not applicable in a _ generalized form to masonry, they 
have been utilized (2,12,13) to predict | failure of masonry assemblages under 

mt particular stress conditions. It has been shown (3,4) that masonry strength is 
_ highly sensitive to the orientation of the stress with respect to the critical-bed — 
and head-joint directions. Therefore, as has been shown for layered materials 


(9), the failure theories for isotropic materials are not applicable for masonry 
7 
rien 
aa For block masonry, grouting the cores provides partial continuity 'y which 1 reduces _ 
the degree of anisotropy of the composite. Hegemier et al. (7) suggested a 7 
linear interaction failure envelope for the tension-compression state of stress. 
This assumption can be justified where the strength characteristics of the grout 
match those of the block. However this assumption does not provide a generalized 
solution applicable to other combinations of materials or to © ungrouted blockwork. y : 
_ In this paper, failure criteria are proposed as a generalized form for masonry 
_ under biaxial stresses taking into consideration its anisotropic nature as a 
_ composite material. These criteria are then compared with the results of tests. 
(4) of grouted and “ungrouted concrete block masonry prisms under 


Faiture FOR Composite Materiats Appuieo To Masonry 


Because the mortar joints in masonry are relatively weak compared to the i 


‘meaty units. the bed- and head-joint directions are the critical planes where : 


2 ‘Asst. Prof., School of “% Engrg. and Environmental Sci., Univ. of Oklahoma, Norman, 
4 : 1280 Main Street 
West, Hamilton, Ontario, Canada L854L7. 
s Note.—Discussion open until January 1, 1982. To ‘extend th the c closing date one month, — 
a written request must be filed with the Manager of Technical and Professional Publications, 
_ ASCE. Manuscript was submitted for review for possible publication on May 7, 1979. 
This paper is part of the Journal of the Structural Division, Proceedings of the American — 
a Society of Civil Engineers, ©ASCE, Vol. 107, No. ST8, August, 1981. ISSN 0044- 
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= is likely to be i initiated. The mortar bed joints, because of their continuous © 


: 


nature, divide the media into layers of equal thickness and thus give masonry 


the appearance of a laminated composite material. een i 


_ The bed- and head-joint directions are assumed to be the planes of strength 


_ the strength characteristics have to be determined. The various strength charac- 


_ symmetry (orthogonal principal material directions, x and y, see Fig. 1), ch > 


teristics are shown ‘in Fig. 1. For masonry there is no transverse symmetry ag 


and therefore the - strength characteristics of the assemblage should also be 
evaluated in the z direction to be able to fully express the behavior of the 
composite under biaxial states of stress (8), 
_ To provide a basis of comparison, the applicabilities of existing failure theories — 
_ for composite material such as the maximum ‘Stress theory | ©), the Hill-Tasia | 


FIG. 1.—IIlustration of Strength Characteristics for Masonry under Multiaxia! States 


— hes ite. 


BL. (9), and the Hoffman theory (8) were oxautined. These will be a 


with test results and the proposed criteria in this paper. 


- formulate a failure criterion for masonry, it is necessary ‘to account for 
the possible modes of failure under biaxial stresses. The resulting failures may 
be by shear amity the critical bed and head joints or tension failure of the 


block, mortar, and grout, or both. Shear failure should take into account the = 


normal compression stress perpendicular to the slip plane since this | parameter 


was shown (4,5,12) to have a significant influence on the shear. capacity of 


It is not logical to expect that a single failure criterion can describe the biaxial 


strength of masonry where more than one mode of failure controls. It has — 
been shown (3,4,5,6) that two modes of failure occur for masonry under combined a 7 


= As described in the next two sections, these are: (1) Shear failure. 

_ along either the bed joints or the head joints (the critical planes); and i) ae tension 

failure incorporating the interaction of the block, mortar, and grout. 

4 eee Failure Criterion. -—The shear strength of the mortar bed joint, (ungrouted — 


rength of the mortar bed, 


| 
q 

| 


stress, ni be expressed, i, using Coulomb’s 


T yu ob 
in which v., = the shear-bond strength of the bed joint when no normal stress E 

is present; and » = the coefficient of internal friction. = — 


For grouted masonry, due to the external shear and precompression, the = 
“grout core will be under combined shear and | compression stresses which ae 


FIG. 2.—Stresses Acting on Element of Grout 
a? 


o relate the octahedral shear StreSS, 1. , with the octahedral normal stress, 


(2) 
in which a and b = the material and ad pee OL 


¥ 


- v2 o 


in which o,, = the | Sompeeanive strength of the grout; and r = the ratio of 
the tensile Strength « of the grout to its compressive strength, Oy/O.g- Eq. 5 
may b be - simplified using Mohr’: s ; function for a biaxial state 0 f stress ss (10) to 


| 
| . Using the octahedral shear cites. and 2 on 
| 
| 
| 
; “the yielding surface (fracture surface in the case of brittle materials) can be ; 
| expressed, for a biaxial state of stress(o, = 0), inthe form 
(20; + 203 — 20,0,)' + V 2 —— (0, + + q 


aucust 

Co. 

r te 


‘de 


the c, and values from Eq. q into ato Ba, 6 yield 
the assemblage capacity ‘could be ‘expressed by a 
of the capacities, of the mortar and grout components 
Substituting Eqs. and 8 into Ea. 10 oe 


_ in which for grouted the average shear at failure along 
the bed joint, based on the gross area; n, = the ratio of the net to —_ 
_ area of the block at the critical failure plane; and v,, = the mortar shear- bond 
“- strength of the bed joint when no normal stress is present. em ie : 
_ Considering the lack of detailed information, it seems reasonable to describe» 
_ the apparent shear capacity along the head joint for zero normal stress, = ‘a 
as the average of the shear-bond strength of the head joint, v,,, and the shear — 
"strength the ‘Shells of the block, +,. This be expressed as 
oe The shear capacity along the head joint, — teil the effect of the norma a if 
stress, can be expressed, using Coulomb’s theory of friction, 


‘criterion. However, it will be modified to take into account the eee, 

_ between the shear strength of the mortar joints and the normal compression. ta 

> '. developing his fracture condition for triaxial stresses, Hoffman adopted a 

= of failure conditions for orthotropic material in which he =< 
for various differing tensile and compressive strengths that characterize brittle — 


Sa He did this by introducing linear | terms which are odd — ot ve 


of 
| 
| 
| 
Failure Criterion.— Ihe phenomenological failure condition proposed 


o,, and Cc, . This led to ‘the | following fracture condition 
+ + +¢,0 
which the constants are nine material which are uniquely 


_ determined from the basic strength characteristics, namely: (1) The three uniaxiz 
tensile strengths (2) the three uniaxial compressive 
Soins Sinz; and (3) the three pure shear strengths—yv,., v,,., V,.,- 


oxy oyz 
expressions can be readily verified as follows: 
Als Also, and C, by permutation of x, 
Cs and C, by permutation of x yea 
C, and C, by permutation of x. 
= However, for the case of in- plane loading. (biaxial c., a 
T., are equal to zero. Therefore, eliminating these terms and substituting 
the aforementioned constants into 14 yields the expression for 


(gir 


The last term in Eq. 18 pwn the value of the constant c, =-v 


oxy w 


FIG. 3. at Disk at 45° B 
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i the shear mode of failure) ‘The value of the constant | Cy may be found ed : 
_ the results of tests of masonry disks under splitting loads oriented at 45° fom fy 
the bed-joint direction (3). As shown in Fig. 3, at the center of the disk aa — 
this test condition, the state of normal : stress along the bed | and head joints" 
which was empirically found from the tests to be (4) | mage 


and the shear stress bed joint can be expressed as 
the of o,, T,, in the ‘Shear constant 
can be determined in terms of the 


Test Results.—To evelene the proposed failure criteria, results (4) are used 
from concrete block masonry prisms tested under compressive or tensile loads 
for different orientations, 8, of the bed joint from the applied axial load. Fig. 
b- shows the basic concept of the tests. If x and y are the principal material — 
_ directions, then for a particular orientation, 6, of the applied stress, mee wi 
_ Tespect to the x-axis, the stress | resultant can be e expressed i 
“a 
= 0, cos .. 


FIG. 4.—Masonry Assemblage Tested | Tested Using Dif Different Orientations of Bed Joints — 


| 
q 


7 

| 


note pisy “ol gd) of od 
| ‘The: ‘normal | “weight concrete blocks used in these tests h had an average 


_compressive strength of 2,850 psi (20 MPa) based on the net area. The 2-core, 
-6-in. (150 mm) blocks had a minimum net to gross area ratio of 0.59. The | 

_ Splitting tensile strength of the blocks was 248 psi (170 MPa). Type S ule 
composed of 1.0:0.5:4.0 parts | of Portland Cement, lime, and sand was used 
which resulted in a cube compressive strength of 2,630 psi (18 MPa). A medium 

_ Strength grout composed of 1.0:0.44:3.55:0.7 parts by weight of Portland Cement, ‘ 7 
, sand, and water was used. water-cement ratio was established 
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FIG. 5.—Failure Theories and Experimental Results for Ungrouted Mesonry | Prisms ms 
under Off-Axis Compression —— 
rout prism was 3,800 psi (26 MPa) whereas using nonsbsorbant 3-in. diam 
x 6-in. long (76 mm x 152 mm) moulds resulted in a cylinder strength of — 
Evaluation of Existing Failure Criteria.—In Figs. 5 and 6, the test results 4 
for off-axis Ss are used to evaluate existing failure criteria [maximum 
In these 
evaluations, the test for ‘the principal ‘material directions = 
O= 90°) were used as the starting points. The poor agreement between the 
experimental results and the theoretical particularly for cases” 


= 

| |” 


and directions, indicates t ‘the: problem ‘with existing failure’ criteria. 


The discrepancies could be attributed to the very low values of the shear i, 
along the bed-joiat direction (5), when it is seer thas these failure theories 


theories do not take into consideration the ‘possible shear failure ‘either 


Figs. 7 and 8 show the failure envelopes for the existing failure criteria for 7 ; 


off-axis tension loading. Aside from the experimental values for the principal _ 


< material directions (8 = O and § = 90°), only one ‘set of tests were run for 
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of the ‘ungrouted and series. Based this limited number of 
- tests, it appears that the Hoffman theory agrees better with the experimental — ae 
_ results for both the ungrouted and grouted cases compared to the Hill-Tasia Y 


_ theory which only seems appropriate for the grouted case. 5 
Ey aluation of Proposed Failure Criteria. .—The failure envelopes f for the proposed } 


£7 
FIG. G. 6. —Fellure —Failure Theories and Experimenta Results: for stor Groute Prisms under 


s failure criteria are shown in Figs. 9 and 10 for the ungrouted and grouted masonry, J 
respectively. There are two curves in each figure to describe the shear-failure 

= along either the bed or the head-joint planes and there is one curve _ 
describing the tension-failure condition. As shown in the figures, the minimum 
= stress defines the governing failure co sae for any stress combination. ; 
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FIG. 9. — Failure Criteria for Ungrouted Masonry Under Off-Axis Compres- 
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_ FIG. 10.—Proposed Failure Criterion for Grouted Masonry Prisms “under Off- Axis — 
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For the e same experimental results as were plotted in Figs. 5 and 6, it ‘it can 


= see n that the proposed criteria lead to better agreement for bod ‘ungrouted 
“ss For the off-axis tension tests, it can be seen in Figs. 7 and 8 that the proposed 
criteria does not provide quite as good agreement as the original version of _ 


‘The proposed criteria ar are e based on a physical interpretation rather than being © | 
strictly phenomenological and it is suggested that these criteria have a promising | 
potential since the inherent anisotropic characteristics of masonry as a composite | 
material have been Tationally ¢ considered. It ‘should t be noted that as they now 
stand, 
‘ strength ‘under shear compression along ‘the bed joint. However, the predicted 
_ values under shear tension along the bed joint are slightly nonconservative. Es na 
It has to be stated that before the general applicability of the proposed criteria 2 
= recommended, comparisons with full-scale test results covering different 


The failure theories for isotropic mesorials are not applicable for masonry — 
_ under biaxial stresses because they were derived on the basis of the invariant 


‘state of stress concept where the stress orientation has no effect on the strength. 
= Also, the available failure theories for composite materials cannot be directly — 


do not account for the interaction between the shear capacities of the joints 
and the compressive stresses perpendicular to them. In addition, these failure © 
theories do not consider the possible shear failures along the critical-b bed or 
4,9 _ To provide a realistic failure criterion for in- -plane loading of masonry, the 
possible shear and tension modes of failure should be taken into account. For 
the shear slip along the bed or the head joint direction, the effect of the compressive 
stresses normal to the failure plane should also be considered. These aspects 
have been incorporated in the proposed failure criteria which are presented 
as a contribution toward CaS a rational theory of failure for in- -plane 
loading of masonry. nl doold asta tso 
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following symbols are used in thi 
= gross area of block in bed-joint plane; 
= area of grout in bed-joint plane; $ 
= 


= net area of “block i in bed-joint pl ns 
Se compressive strength of masonry normal to bed 
cong » = compressive strength of masonry parallel | to bed joint (x direc- 
ly 
mry in z direction; 
"= compressive strength of masonry under load having orientation __ 
diagonal tensile strength of masonry; 


tensile strength of masonry parallel to bed joint (x ae. 
tensile of masonry inzdirection; 


| 
| 
a 
7 
| 
q 
ion 
Jm = ensue strength Of masonry normal to bed joint ( y direction), 
a 
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tensile strength ‘of masonr y under load having orientation | 


frombed joint; 
-- 2. ratio of tensile and c compressive strengths of grout; 


_ shear-bond 1 strength of mortar bed joint when no normal stress 


shear-bond strength of mortar head 
= shear strength of masonry along bed joint direction under zero 
precompression; 
,, = Shear strength of masonry along head awe direction under zero 
shear strength of masonry in y-z 
shear strength of masonry in z- “x plane; 


met to area ratio of block in plane, A, 


to bed-joint direction; 
coefficient of 
= = principal stresses expressing invariant state of stress for or testeagic 


= applied compression o or tension stress at orientation @ from 
compressive strength of grout; 
octahedral normal stress; 
ens 
ile strength of grout; 
applied stresses in x, y, and z directions, es 
= = strength of face shells of block; 


shear strength of grout core in direction parallel to bed joint | 
‘plane under biaxial stresses; 


shear stress in x-y plane at failure; <> 
_ shear stress for ungrouted masonry in x-y plane ; at failure; 


shear stress inz z-x plane at failure. 
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DISCUSSION 


"STRONG ann T Tous FOR Seismic Fos Forces” 


by R. G. Oesterle,® A. E. Fiorato,° 
W. G. Corley,’ F. ASCE 


a ‘The authors have provided a practical summary of design and construction 
, 3 considerations for columns in earthquake- -resistant ‘structures. In the paper, 


“relevant observations from an investigation of structural 
- conducted at the Construction Technology Laboratories of the Portland Cement 
Association. This investigation is sponsored by the National Science Foundation 
under Grant No. ENV 77-15333 and the Portland Cement Association. seen 
with rer reversing horizontal loads applied at the top ‘of the wall (13, 26). The walls 
had a height of 180 in. (4.6 m), a horizontal length of 75 in. (1.9 m), and 
web thickness of 4 in. (102 mm). One objective of the tests was to establish - 
AS noted by the ; authors, it is important t to distinguish between a column } 


part of 2 a . frame. A boundary ‘element i: is - subjected to forces and pocinuid 
significantly different from those of a column in a frame. In particular, boundary 
: _ elements act integrally with the wall when the wall responds to lateral forces 
_ by bending as a vertical cantilever beam. Unless the web of the wall is damaged 
Significantly, the boundary element is: ‘not ‘subjected t to the sz same magnitude 


These differences in behavior are not reflected i in current ‘iategie practice. Rather, 

_ reinforcement details for wall boundary elements are based on those developed - 
columns of moment-resisting frames. 

_ The following questions, related specifically to to boundary eerie structural 

are considered in this discussion: 


“pe What are design criteria for special transverse reinforcement in boundary 


2 Are alternating ‘ ‘candystic *crossties effective? 
3. Are boundary elements susceptible to lateral 


“August, 1980, by Lawrence Selna, Ignacio Martin, Robert Park, and Loring Wyllie 


Rs °Mgr., , Construction Methods Section, Portland Cement Association, 5420 Old Orchard | 
R 


- *Sr. Structural Engr., Structural Development Dept., Portland Cement Association, 


"Divisional Dir., Engrg. Div., Portland Cement Association, Old 
- Orchard Road, Skokie, Ill. 60077. 


“ 
— 

: Several QUCSLIONS WeTe raised adout reimrorcemen Ctauls [Or Ciements 

| 

| 


How effective is special transverse reinforcement for maintain ing 


integrity of lap splices in vertical boundary clement reinforcement? 


Ref, 26 contains a detailed discussion of use of special transverse reinforcement — 


in boundary elements of structural walls. Tests indicate that transverse rein- 


"was significant, r, that beneficial effects of transverse reinforcement 


were not observed until lateral displacements corresponding to interstory drifts 
_ in excess of 1.5% were reached. Thus, the amount of transverse reinforcement 
that is required for wall boundary elements is related to the level of =— 


deformation capacity demanded of the wall, 


Tests, also indicate that special t transverse  peratenenmens | tis required only wi 


“damage ‘did not extend above ‘the estimated + wh region. Strain gages on 
aoage and crossties indicated that this reinforcement was stressed significantly ~ 


is most critical at the wall base. However, at discontinuities 
resulting from s strength taper, changes i in geometry, or higher mode inertial forces _ 

“reat one variable in the test program, details used for special transverse 
reinforcement were evaluated. Initially, supplementary crossties used as confine- 

; ment reinforcement in boundary elements were made with | 180° bends at each 
end. This detail caused numerous construction problems. Subsequently, | crossties _ 
were made with 90° bends at one end and 135° bends at the opposite end. 

_ These ties were alternated end for end over the height of the wall as the boundary 
element was constructed. Tests demonstrated that this type of “‘candystick”” 
crosstie was effective. Consequently, it is recommended for use in boundary : 
_ The writers do not recommend use of spliced crossties within the hinging 
5. region of walls. Under severe load reversals, | the effectiveness of these ties os 
- Tsolated wall tests also provided some insight into the question of lateral 
Stability of boundary elements. The authors correctly note that, under severe 

inelastic reversals, resistance of vertical boundary element reinforcement to 

: out of plane displacements is reduced because of substantial reductions in effective : 

Of the 23 isolated walls tested, five were rectangular sections without thickened 
"boundary elements. Lateral instability was observed in only one of these 

x ‘specimens. However, this rectangular specimen had no lateral support. ‘This 
ecatiion would not exist in an actual structure because floor slabs would provide a 
- Jateral restraint at each story level. Even without restraint, lateral instability 
was not observed in the specimen until interstory drifts in excess of 1.7% were 

= reached. This indicated that while lateral instability must be considered in design, 
iti is a function of demands as well as slenderness of the wail. 


‘special t transverse » reinforcement in regions of tensile lap splices of vertical 
bars. Tests reported in Ref. 25 were conducted to simulate conditions in wall 
elements. 4 These tests indicate that Special transverse reinforcement, 


il 
| 
| 
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DISCUSSION 
o _ designed in accordance with current code provisions, is effective for maintsining 


r integrity of lap splices under severe reversals. Tests also indicate that transverse 
hoops located near ends of the splice are most effective for maintaining load 
_ transfer capacity. Hoops located at the interior region of the splice were oot 
=~ significantly. The implication of these results is that lap splices could 
be effectively confined by concentrating hoops near the ends of the lap. However, © 
_ it may be more practical to maintain a uniform — of hoops. Another — 
sna finding of the lap splice tests is that t 


contact with vertical bars to be aise “a 


—RererENces 


25. Aristizabal- Ochoa, J. D., Fiorato, A. E., and Corely, W. G., “Tension Lap Splices 
_ Under Severe Load Reversals,” Proceedings of the Seventh World Conference on — 
Earthquak. Enginesring, Vol. 7, Sept., 1980, pp. 55-62. 
26. Oesterle, R. G., Fiorato, A. E., and Corley, W. G., “Reinforcement Details for 
Earthquake- Resistant Structural Walls,’’ Concrete American Concrete 
Institute, Vol. 2, No. 12, Dec., 1980, pp. 55-66. 


scussion by G. Rabbat,” and Norman Ww. Han son,” Members, 


This the of the value. of 90° “hooks 
in’ “*candystick’’ crossties and confirms that experimental work is being done 


to establish the amount t of confinement steel needed i in columns. 


§ Portland Cement Association. The project is funded by the National Science 

Foundation under Grant No. PFR-7902611 and the Portland Cement Association. 
_ Tests are being conducted on full-size column specimens. The purpose is 
to establish reinforcement details for ‘seismic Tesistant design of lightweight a 
concrete columns. Each test specimen represents a portion of a building frame 
at the joint between column and beams. The column portion extends from | 
midheights above and the joint. To casure column 


earlier frame joint tests On). 

: Details of column a ally shown in Fig. 10. The ‘ ‘candystick”” 
crossties have a 135° hook with a ten-diameter extension at one end and a 

— 90° hook with a six- -diameter extension at the other end. Crossties are alternated 
end-for-end along the column longitudinal reinforcement. Crossties are fitted — 
tightly around column bars at the middle of each face without difficulty. ia, 
_ Incrementally increasing reversing loads are applied to the beam ends whil x 
the column load is maintained constant. Hysteretic loops showing column moment 2 
versus story height drift for two specimens are shown in Fig. 11. Specimens : 


*Sr. Structural Engr., Structural Development Dept., Portland Cement Association, 


Old Orchard Road, Skokie, 1.60077, 
* Principal Structural Engr., Structural Development Dept., Portland Cement Association, 
Old Orchard Road, Skokie, Ill 60077. 
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a the early part of the test, column axial load | was s equal to 10% of the : 


cot 


j rf 


in. = 25.4mm 


| 
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(in) 


2000 PS ps*3.0% 


a iy, hig pear at 
(a) Column Lood = we 
4 


he 


1 Kip in. = 13 Nm 


design axial load strength, ®P,. In the latter part of test, the column axial 


Fore: each of these column axial loads, several cycles of inelastic deformations — 


were s applied | up toa maximum 2 column drift of eight times yield of the column | J 
steel. At a ratio of eight, the column concrete shell had spalled. There were — 
no signs of unhooking of the 90° hooks of the crossties, 
In Fig. 11, the column moment versus column drift at a ductility of eight 
is plotted for two different column loads. . Based on these hysteretic loops as 
well as the observed behavior during the tests, ‘it is concluded that the 90°, 
““candystick” crosstie detailing used in these specimens was adequate. 


27. Hanson, N. W., and Conner, H. W., ‘‘Tests of Reinforced Concrete Beam- -Column . 


— Joints Under Simulated Seismic Loading,” RDO12.01D, Portland Cement Association, = 
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The following correction should be made to the original | paper: a see 
Page 1857, paragraph 1, line 2: all ‘in nine of the 


Tas 


END RESTRAINT AND 

M. ASCE 


ah 


The author is to be ‘complimented on a useful re column 
design approaches, and how the effect of end restraint might be included “ 
future solution methods. In particular, his description of research needs co 
“end- restrained columns and how some of these are being met through ongoing ~ 
projects focus on a parameter in column stability analysis that | has 1 not nomves 
sufficient attention in the past. However, the writer does | not agree that the 
basic column problem is not well understood, nor that most design methods 
are based entirely on empirical formulas. Significant advances have been made 
over the past number of years, including in the area of limit states design, 
through explicit inclusion of realistic column strength factors.Thus the author 
himself acknowledges the extensive research that has dealt with residual stresses 
and initial crookedness. Accounting for the effects of end restraint will improve 
the column stability analysis in an important respect, but it is incorrect to imply © 
that only by doing so will the elusive practical design approach be tine. 
- mors the practicality of the current methods will be enhanced, since one 


more strength contribution thus will have been quantified. ry 
. Since the publication of the paper, important column strength results have 
_ been obtained by the researchers at the University of Sheffield (10,20), with — 
further input provided by the writer (17). It is the purpose of this discussion Y 
_ to expand on these results in the context of the author’s presentation, as well | 
ing “September, 1980, by Garry R. Bardell and Geoffrey L. Kulak (Proc. Paper 15685). 


* November, 1980, by Wai F. Chen (Proc. Paper 15796). ag = ‘heme 
*Prof. of Civ. Engrg., Univ. of Arizona, Tucson, Ariz. 85721. Md 
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DISCUSSION 


to clarify a a quakes of the that have been of _ 
his discussion of general principles, the author notes that the strength-in- 
creasing effect of strain reversal usually is offset by the (strength) decreasing 
effect of initial imperfections. Whereas this is true in the general sense, it ? 
| be observed that strain reversal will have : an insignificant influence ‘on 
‘Teal columns when compared with the effect of initial imperfections. It is more 
important for the perfectly straight member, for which the tangent modulus 
load gives a realistic buckling strength estimate, and for which the maximum — 
- strength usually will be slightly (2%-5%) higher. However, this is very much — 
= by the type of column material and manufacturing method that has 
been used. Aluminum columns, have low to © nonexistent residual ‘stresses 


and normally a continuously curving stress-strain relationship. Research has 
oe shown that their maximum strength will be only a small amount agnor 

_ than their tangent modulus load (19). On the other hand, when real steel columns | 
_- considered, the maximum strength will usually be less than the tangent 
modulus load, and in many instances substantially less (1,2,3 9). Research (3, 7 
has demonstrated _ that maximum loads between 5% and 25% lower than the | 


o* In the discussion of the original Column Research Council (CRC) Curve, | 
_ it should be pointed out that it was developed on the basis of light and medium-size 


a hot-rolled wide- -flange ‘Shapes i in ASTM Al steel [yield s ‘Stress of 33 ksi — 


= -- were applied to a variety of of shapes, sizes, and materials, the background data 
_—. this stage it is inappropriate to observe that “‘it is believed that the seine 

= strength « of columns wa be significantly affected by the presence of 
unavoidable end restraints.’ ’ The results of Chapuis and Galambos (4) and 

-: Zandonini (16) indicated effects much less than originally anticipated, and the 

data that now have become available through the work of Jones, et al. (20) q 
later in this discussion. _ 

The author presents an evaluation of 
curves for design specifications (pp. 2282-2288). However, a number of clarifica- 
tions should be made, in order to prevent a misinterpretation of certain research 
results and how they relate to the current design codes. This will be done > 
in enumerative form, to facilitate reader understanding of ‘the most important — 


_ Analytical Results for Aluminum Columns.—Fig. | (p. (2283) shows analytical 


~ results for aluminum columns, for which the residual stresses are equal to zero. 

the effect of the end restraint. It is therefore misleading to show Fig. | without 
_ at the same time pointing out the importance of the difference between steel , 
and aluminum members. Furthermore, Fig. 1 shows another effect that - 
_ important for all -end-restrained columns. The influence of the end ‘restraint 
is strongly affected by the effective slenderness ratio of the member, or “ne 


by the degree of end restraint relative to the column slenderness ratio. The 


eS of of strength increase as the effective length factor reduces from 1.0 


As will be demonstrated later, such stresses have a significant influence on _ 


‘vangent modulus loads are quite common, due to the Combined effect of residual 


on strength increases are, for some selected L/r values in Fig. 1 shown in Table 
1. The strength increase is thus significantly reduced as the slenderness = : 
goes from 120° to &, and most t noticeably as L/r drops be below 80. The same 


“further reduces the influence of end restraint (17). ion 

Residual Stress in Hot-Rolled Members.—It is not correct to state that (p. 
; 2284) * ‘most hot-rolled wideflange sections exhibit the maximum residual stress a 

of approx 0.3 times the yield stress.’ The statement is acceptable for small 


medium-s -size  hot- rolled wide- -flange st in mild structural steel (ASTM 


a umber of shapes in higher strength 3 o, is conservative for some 

Welded Columns Are not always Weaker.—It is not correct to state —— 

that welded columns are weaker than their hot-rolled counterparts. “Although 

it does apply to” ‘small and medium- size built- t-up using mill 


shapes of 
such manufacture. Furthermore, a that utilizes ‘flame- cut 


generally be stronger than a hot-rolled shape of similar appearance (18). Uist e 


a | side 


_Crookedness in Welded Members.—To the writer’s knowledge, there are no 
out-of-straightness data available that substantiate the author’s statement that — 
welded built-up members exhibit more crookedness than rolled suapes. Secondly, 
welded shapes have to satisfy materials delivery standards to within the same 
or more Stringent straightness requirements as do the rolled shapes. ee 
¥ Maximum Column Strength Analysis. —The writer’s study of maximum column 

2 strength (3) was performed concurrently with the European work by Beer and _ 
Schultz (2). The projects developed sets of multiple column curves independently, - 


y the results were compared and found to correlate satisfactorily, as was 


expected (3). However, the methods of analysis were significantly different, 

as were the input data (residual stress, initial out- -of-straightness, steel grades, 

Column Slenderness Ratio.—The importance of the column slenderness ratio — 

for the effect of the end restraint has already been discussed to some extent. i 
The recent work at the University of Sheffield (20) has confirmed and expanded — 

on these findings, such that for steel columns the following conclusions can — 


The strength-r raising g effect of end restraint depends on the r relative ‘stiffness 


| 

_@ 

| 


if a certain type of connection is used for end restraint on two > eolimnn with 
_ different slenderness ratios (but otherwise identical), then the connections at 
5 the ends of the more slender member will appear relatively stiffer, and therefore 
have a more Pronounced strength raising influence. This finding wa was 
; evo by Johnston (19) in his study of aluminum columns, as noted A 
previously, but has now been extended to include steel columns with a variety 
of types of end connections (20). As an example of the results of Jones, et 
al. (17,20), the strength of a column with T-stub connections was 56% higher 
than an identical one with pinned ends, ye slenderness ratio was 100. — 
a However, the strength increase was only 10% when L/r was equal to 75. It 
is emphasized that these percentages apply to columns without residual stress, 
_ and also that the T-stub connection represents one of the most rigid of all 
2. Jones, et al. (20) did not whindtt an extensive set of column strength data, 
} E and none for columns ; with slenderness ratios less than 75. Similarly, residual 
Stress effects can only be discerned from some of their data. It is anticipated 
that this deficiency will be rectified through the continuation of their work. — 
“Hower the results that are given (20) for a column with a slenderness ratio 


AS, 


“wellas as sections with “Lehigh” type residual stress distribution ns (9,22) (maximum 
compressive residual stress at flange tips of 0.3 times the yield stress), show om 
the following strength data: (a) No residual stress, T-stub connection versus 
 paned connection, slenderness ratio = 75, strength increase: 21%; and (b) with ss ' 
“Lehigh” type residual stress, T-stub connection versus pinned connection, 

~ slenderness ratio = 75, strength increase: 9%. It is therefore | obvious that the 


presence of residual stress significantly reduces the impact | of end restraint. 
When combined with the importance of the relative stiffness of the connection ; 
the column, the effect of realistic end restraints on realistic columns 


to raise the strength but a relatively minor amount. 


The lack of column strength data (at this stage) for members with L/r less 
n 75 is particularly regrettable in view of North American design and — 
nstruction practice, where column slenderness ratios normally are maintained 

ell below 75, and in many cases as low as 30. In the absence of actual results, " 


tha 
co 
Ww 


. but based on the data that are available (19,20), it is likely that for a column 

__ with residual stress and a slenderness ratio of 50, the increase in strength from 7 
t he pinned-end case to the T-stub case will be at the most 5%. Smaller strength | 

_ increases should be anticipated for shorter members, as well as for members _ 
with markedly higher residual stress levels (e.g. g., heavy rolled shapes). The | 
Bb yep impact of including the effect of end restraint therefore would appear 


Geometric imperfections in the column are also important. As expected, 
the British research (20) hes shown that increasing the initial | out- t-of-straightness : 


to be somewhat less than the author intimates. 


@ 


= 
will consume some of the moment capacity of the end connection, and also 
4 will accentuate the lateral deflection of the column. Future research activities 
— pay Particular at attention tol this problem, 1 not the least because of its 


a Summarizing, the efforts to quantify the effects of phate end restraint are 
_ very important, and the author is to be commended for having taken the lead — 
in this work. However, it is to be hoped that the results of the current and | 
= future research work will be available before any final conclusions are - 
made. Preconceived notions of causes and effects may lead to ‘0 misinterpretation — 


and incorrect applications of the data that are produced. 


17. Ackroyd, M. H., and Bjorhovde, R., discussion of “Effects of Semi-Rigid ¢ Connections sy 
Steel Column Strength,’ by S. W. Jones, D. A. . Kirby, and D. A. _Nethercot, 
Journal of Constructional Steel Research, . London, England, Vol. 1, No. 3, Apr., 
18. Bjorhovde, R., Brozzetti, J., , Alpsten, G. A., and Tall, L., ‘‘Residual Stresses n 
Thick Welded Plates, Welding Journal, Vol. 51, No. 8, Aug., 1972. 
19. Johnston, B. Buckling Behavior Above the Tangent Modulus Load,’” 
Of the Engineering Mechanics Division, ASCE, Vol. 87, No. EM6, Proc. Paper 3019, P 

_ 20. Jones, S. W., Kirby, P. A., , and Nethercot, D. A., “Effects of Semi- -Rigid Connections 

: on Steel Column Strength,”’ Journal of Constructional Steel Research, London, England, 4 


| 
| | 
7 


| 
a 


| 
| 


I 


| 


anit bee 


vty 


4 


PaPers 


Original papers ‘should be s in triplicate to the ¢ Manager of Technical and Professional 
Publications, ASCE, 345 East 47th Street, New York, N.Y. 10017. Authors must indicate the = 
Technical Division or Council, Technical Committee, Subcommittee, and Task Committee (if any) 
_ to which the paper should be referred. Those who are planning to submit material will expedite — 7 
i. G the review and publication procedures by complying with the following basic requirements: 
1. Titles must have a length not exceeding 50 characters and spaces. = - 
2. The manuscript (an original ribbon copy and two duplicate copies) should be double-spaced _ 
on one side of 1“ 1/2-in. (220-mm) by I1-in. (280-mm) paper. Three copies of all — and 


“si aes, the maximum length of a paper is 10,000 word-equivalents. As an approximation, 
each full manuscript page of text, tables or figures is the equivalent of 300 words. If a particular — 
subject cannot be adequately presented within the 10.000-word limit, the paper should be accompanied - 
by a rationale for the overlength. This will permit rapid review and approval by the Division _ 
or Council Publications and Executive Committees and the Society’s Committee on Publications. — 
Valuable contributions to the Society’s publications are not intended to be discouraged by this — 


bi 4. The author’: s full name, Society membership grade, and a footnote Stating present employment 7 
= on page of the Authors need not be ‘members. 


lad 
5. All mathematics must be and special symbols must be identified property. The 
letter symbols used should be defined where they first appear, in figures, tables, or text, and 
arranged alphabetically in an appendix at the end of the paper titled Appendix.—Notation. - . 


ad 6. Standard definitions and symbols should be used. Reference should be made to the lists” 
published by the American National Standards Institute and to the Authers’ Guide to the Pubiications 


oe ° Figures : should be drawn in black ink, at a size that, with a 50% reduction, would have 


a published width in the Journals of from 3 in. (76 mm) to 4-1/2 in. (110 mm). The lettering 
’ must be legible at the reduced size. Photographs should be submitted as glossy prints. Explanations 
_ and descriptions must be placed in text rather then w within the figure. Min ies 


8. Tables should be typed (an original ribbon copy and two duplicates) on one side of 8- 1/2-in. q 
(220-mm) by -in. Oem) paper. explanation of each table must appear in the 


- 9. aetennies cited in text should be pene" in alphabetical order in an appendix at the 
end of the paper, or preceding t the Appendix.- —Notation, as an Appendix. —References. 


10A list of key words and an information ‘outend abstract of 175 words should be provided 
A of approximately 40 words must accompany the paper. 
12. A set of conclusions must end the paper. 


13. Dual ‘units, i.e., e., U.S. Customary followed by SI (International System) units in parentheses, CO 7 


14. A practical ee: section should be ncluded also, if appropriate. 


| 
is 


Woe 


a 
3 : 
: 
: 
i Be * 
i 
Aa 
Shir 
d 
: 
te 
= 


